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Summary

This report describes a series of four interior beam-column joint tests conducted at the University of
Auckland. These tests were funded by the Earthquake Commission research foundation. The
purpose of the tests was to provide data on the seismic performance of beam-column joints with
grade 500E beam longitudinal reinforcement of large diameters. In particular.the tests examined the
occurrence of bond failure and reinforcement slip in such joints.

The test units were representative of an interior beam-column joint from a typical, monolithic moment
resisting frame. The units were approximately two thirds of full size, and of similar size to five beam-
column joints previously tested at the University of Auckland that used smaller diameter beam
longitudinal reinforcement. The test units were designed using the capacity design procedures of
NZS 3101:1995. However, to promote bond failure the units did not follow the requirements limiting
the ratio of beam longitudinal reinforcement diameter to column depth.

The four beam-column joint sub-assemblies were subjected to a cyclic load history. Load steps of
increasing storey drift were applied. Despite none of the units meeting New Zealand design
requirements for the prevention of bond failure, at drift levels equivalent to those allowed in New
Zealand the performance of all four units was good, with no strength loss, and no significant
reinforcement slip. At greater drift angles bond failure occurred in only two of the four tests, despite
testing reaching storey drift angles that were approximately twice those allowed in New Zealand and.
It is believed that the reason for the exceptionally good performance of two of the units was the large
excess vertical joint shear and column moment capacity. The tests described re-emphasised the high
yield drift angles, and hence low appropriate design ductility levels, of moment resisting frames
including grade 500E beam longitudinal reinforcement.

This report also shows that the use of grade 500E longitudinal reinforcement in the beams of moment
resisting frames is not an effective design solution. A comparison was made of beam-column joints
designed for equal forces using grade 300E and grade 500E beam longitudinal reinforcement. It was
found that in most cases the use of grade 500E reinforcement requires at least twice as many bars,
resulting in worse reinforcement congestion in the joints, where congestion has always been a
problem. This situation would be worsened if realistic allowance was made for the higher forces that
the frame reinforced with grade 500E longitudinal reinforcement would have to sustain, due to the

lower ductility inherent in the design.

It was concluded that current New Zealand design rules for the prevention of bond failure in frames
reinforced with grade 500E beam longitudinal reinforcement are currently mildly conservative. This
was considered a satisfactory situation. However, it is recommended that designers do not use grade
500E longitudinal reinforcement in the beams of moment resisting frames.
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Notation

AQ
As
As‘

Dxx

E.

Esteel

Fa
fa

Temax

T T
=2

Faurn
HDxx

hp
he
HRxx

Gross area of column section

Area of larger of top or bottom beam reinforcement areas

Area of smaller of top or bottom beam reinforcement areas

Concrete compression force opposing tension force in steel area As
Concrete compression force opposing tension force in steel area A’
Column concrete compression force

Column concrete compression force

Reinforcement compression force opposing tension force in steel area A
Reinforcement compression force opposing tension force in steel area A’
Column reinforcement compression force

Column reinforcement compression force

Diameter of reinforcement that is part of A,

Diameter of reinforcement that is part of A’

Designation of deformed reinforcing bar of diameter xx mm and nominal
yield strength of 300 MPa

Young’s modulus for concrete

Young's modulus for reinforcing steel taken as 200,000 MPa

NZS 3101 factor to increase the required column depth when high strength
reinforcement is used in beams

Change in reinforcement force per unit length over width of joint

Change in reinforcement stress per unit length over width of joint

Maximum change in reinforcement stress per unit length before bond failure
occurs

Unconfined compressive strength of concrete

Actuator force required to develop nominal yield strength of a beam

Ultimate tensile strength of reinforcement

Yield strength of reinforcement area A

Yield strength of reinforcement area A’

Actuator force at peak of %F, half-cycle

Designation of deformed reinforcing bar of diameter xx mm and nominal
yield strength of 500 MPa

Depth of beam section

Depth of column section

Designation of plain reinforcing bar of diameter xx mm and nominal yield
strength of 500 MPa

Effective moment of inertia of a concrete section

Gross moment of inertia of a concrete section
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Length of beam between column centres (or actuators)

Length of column between beam centres (or column restraints)

Bending moment in column

Nominal moment capacity of a section calculated according to
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Beam overstrength moment supported by A, Cs and C,

Beam overstrength moment supported by A¢’, C's and C';
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Column axial force
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Tension force in reinforcement area A
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Yield curvature of a section



1 Introduction

In New Zealand there have traditionally been two grades of steel reinforcement. Over time the yield
strength of these materials has gradually increased. Most recently the yield strength of the higher
strength reinforcement was increased from 430 MPa to 500 MPa (Grade 500E). This resulted in
changes to the way reinforced concrete structures must be designed. The research presented here
looked at the impact of the higher strength reinforcement on the occurrence of bond failure in beam-

column joints

Reinforced concrete is a composite material. For structural purposes compressive forces are typically
carried by the concrete, and tensile forces by the steel reinforcement. This takes advantage of the
properties of both materials. In order for structures to function correctly it is vital that forces can be
transferred between the concrete and reinforcement. One mechanism by which this occurs is the
bond that forms at the interface between the reinforcement and the concrete. This bond mechanism

is particularly important in interior beam-column joints.

Like any material the bond between steel and concrete has a finite strength. If the maximum bond
stress is exceeded and the bond between the beam longitudinal reinforcement and the concrete in the
joint is broken, the reinforcement can slip freely through the concrete and the stiffness of the beam-
column joint is reduced significantly. This is unlikely to cause a catastrophic failure, but will increase
the deflection of the building if it is subjected to further loading. The failure of the bond mechanism is
dependent on concrete strength and confinement, reinforcement strength and diameter, and the

length over which the force transfer can occur (column size in beam-column joints).

Previous research at the University of Auckland [1, 2] indicated that New Zealand design rules did not
provide sufficient protection against bond failure of high strength reinforcement in beam-column joints.
In order to rectify this situation a database of interior beam-column joint test results was previously
assembled to determine appropriate design criteria [3]. An amendment to NZS 3101:1995 [4] based
on this database was released in late 2003. However, previous beam-column joint tests in New
Zealand that used grade 500 reinforcement all contained beam longitudinal reinforcement of 20 mm
diameter or smaller. It was therefore felt to be desirable to investigate the effect of using larger
diameter high strength beam reinforcement on the bond performance of beam-column joints. The

four tests described herein provide information on this subject.
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2 Literature Review

This literature review focuses on bond failure in interior beam-column joints and gives an overview of
previous reinforced concrete beam-column joint testing, particularly considering tests that investigated
bond failure in interior joints. Additionally, the review traces the development of New Zealand
standard requirements for the prevention of bond failure in interior beam-column joints.

2.1 Beam-column joints

A moment resisting frame is a structural form consisting of vertical columns and horizontal beams,
typically joined together in a grid type pattern. The points at which these elements meet are defined
as beam-column joint regions. The role of the beam-column joint is to transfer forces (shear, moment
and axial force) between the beams and columns of the frame.

Depending on the type of frame and the location of the joint within the frame, a beam-column joint can
have between one and four beams framing into it. Joints are generally divided into exterior and
interior joints, and frames into perimeter and space frames. Exterior joints are comprised of either
one (perimeter frame) or two (uniform frame) beams meeting the column, and interior joints have at
least two beams framing into the joint on parallel faces. Examples of these joint types can be seen in
Figure 2-1. At the top floor of a building similar joints to those below exist, but without a column
extending above the joint.

Figure 2-1 Possible configurations of exterior (left row) and interior (right row) beam-column

joints

11



Aside from plastic hinge formation adjacent to the joint region, there are two predominant failure
modes for interior beam-column joints [5], these being a shear failure associated with the provision of
insufficient joint shear reinforcement, and bond or anchorage failure of the longitudinal beam
reinforcement. This second failure mode occurs due to the high bond stresses that typically develop

in interior beam-column joints [6].

2.2 Initial investigations into beam-column joint performance

Although the importance of the role of beam-column joints in the seismic performance of reinforced
concrete moment resisting frames is widely recognised today, this has not always been the case.
The need to properly detail reinforced concrete beam-column joints is not given special attention by
Blume et al. [7] in their landmark textbook of 1961.

The inadequacies of then-current methods of detailing beam-column joints was revealed by a series
of serious earthquakes during the 1960's. Failure of beam-column joints was identified as one of the
primary causes in cases where moment resisting frames performed poorly [8]. This led Hanson and
Connor to conduct the first significant research investigating the seismic performance of reinforced
concrete exterior [8] and interior [9] beam-column joints. These tests revealed that reinforced
concrete moment resisting frames with well confined beam-column joints were able to meet the
required performance standards of the time, i.e. avoiding visible damage during moderate
earthquakes and surviving more serious seismic events without collapse [7] - design goals that are

closely related to the current philosophy of limit state design [10].

Following these initial tests assessing the seismic response of beam-column joints many more
researchers began investigating ways of improving the seismic performance of both interior and
exterior beam-column joints. The introduction and acceptance of capacity design [6, 11] as a
requirement for satisfactory seismic design increased the emphasis placed on ensuring that beam-
column joints were able to transfer the maximum (overstrength) actions that could be imposed on
them by the surrounding members.

2.3 Interior beam-column joint testing

The actions on interior beam-column joints differ quite substantially from those on exterior joints [6].
For cases where beam details are similar, the shear strength of interior beam-column joints must be
greater than exterior joints, since the presence of beams framing into the joint on opposite sides leads
to significantly greater shear forces compared to exterior joints [6]. With reference to Figure 2-2, the
horizontal shear force on a beam-column joint when yielding occurs adjacent to the joint is:

Vﬂ, =T+ 40"V, eq. 1
where T, C'. and C'; are the tension and compression forces on opposite sides of the joint and V. is

the shear force acting in the column above the joint. For an interior joint with equal positive and

negative beam longitudinal reinforcement (As=A’s):
12



C . +C =T eq. 2

while for an exterior joint both C’; and C'; are zero (since there is no beam framing into the joint on the
opposite side of the joint). It is therefore evident that for an interior beam column joint the horizontal
joint shear will be almost twice that of an exterior joint. It is also accepted that the bond within the
joint between the concrete and the longitudinal reinforcement occurs under more adverse conditions
[6, 12]. These adverse conditions occur because of the greater change in reinforcement stress
across the width of an interior joint compared to an exterior joint. Seismic induced axial loading of the
columns is normally less critical than in exterior joints, due to the balancing effect of approximately
equal beam shear forces being applied in opposing directions by the two beams on opposite faces of
the joint (see Figure 2-2).

(@ (b)

Figure 2-2 External & internal actions on an interior beam-column joint (after NZS 3101:1995
[4)

It has been determined from analysis of previous test results that it is possible to develop and sustain
very high bond stresses within a beam-column joint provided that reinforcement does not yield [13].
For most moment resisting frames, designers in New Zealand are obliged to employ a capacity
design philosophy to ensure that in a seismic event yielding can only occur in the beam flexural
reinforcement [10]. By preventing the yielding of column reinforcement, the formation of a less ductile
column sway collapse mechanism is avoided [6]. A secondary effect of this design philosophy is to
significantly reduce the likelihood that the column reinforcement anchorage in the joint region will fail
[4, 13]. For this reason, the current study focused on the failure of bond between the beam
reinforcement and the surrounding concrete.
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A reduction of stiffness and energy dissipation are characteristic of anchorage failure in interior joints
[5]. This form of failure is less likely than joint shear failure to cause structural collapse [3]. In
addition, it has proven difficult to formulate a model of bond slip behaviour that is both accurate and
suitably simple for routine design [14], and it is widely believed that some level of bond failure is
inevitable in joints experiencing seismic attack [14-16].

The absence of a validated bond slip model, as mentioned in the previous paragraph, has resulted in
a high level of empiricism being included in the formulation of design provisions to prevent bond
failure in interior beam-column joints. It is not surprising therefore that, despite more than three
decades of experimental and analytical investigation of the problem, there are still significant
differences in the bond strength provisions of the world’s various concrete design codes [15, 16].

Bond failure was noticed during the earliest cyclic testing of an interior beam-column joint. Hanson
noted that failure of longitudinal reinforcement anchorage increased the flexibility of the test unit, but
did not reduce the moment capacity. This maintenance of strength was attributed to the ability of the
beam reinforcement to find anchorage in the beam concrete on the opposite side of the joint [9].

Between that finding and the present time innumerable interior beam-column joint tests have been
undertaken, but only those of particular note are discussed here.

Park and Paulay [6] discussed the problem of bond failure, noting that the precise effects of bond
failure were difficult to quantify due to the limited experimental data available. In discussing the
results of Hanson [9] they postulated that the anchorage of beam reinforcement in the opposite beam
would lead to a reduction in ductility capacity of the beams framing into the column. They also
suggested that interior beam-column joints could be expected to perform better if numerous small
reinforcing bars were used in place of fewer large bars. These views on bond performance in interior
beam-column joints were echoed by ACI-ASCE committee 352 in their beam-column joint design
provisions [17].

Despite the lack of direction given in design codes before the late 1970's on how to prevent
anchorage failure, some tests conducted at this time did not show signs of bond failure [18]. This was
attributed to a combination of the low yield strength reinforcement typical of the era and the likelihood
of a more significant failure (plastic hinge zone, column confinement or joint shear failure for example)
occurring at an early stage. However, when Fenwick and Irvine tested four beam-column joint units,
complete bond failure was noted in two of these [19].

The two units tested by Fenwick and Irvine that did not experience bond failure showed the potential
of a different method of detailing interior beam-column joints. In contrast to relying on the bond
between reinforcement and concrete in the joint region, these units included steel plates welded to
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both the beam and column longitudinal reinforcement [19]. When combined with additional
reinforcement welded to the beam longitudinal reinforcement within the joint region to prevent yield
penetration into the joint, these anchor plates ensured perfect anchorage of the longitudinal
reinforcement [19]. However, despite relieving congestion of the joint region (by allowing the use of
fewer, large diameter reinforcing bars), it was soon recognised that assembling the reinforcement of
such a joint would be very difficult [13]. Two other methods of alleviating the problem of bond failure
in interior beam-column joints were presented by Galunic et al. [20]. Both these methods aimed to
relocate the plastic hinges away from the column face, which helps prevent bond failure. This same
goal was discussed by Blakeley et al. [21] who tested a sub-assembly that incorporated haunched
beams. The side effect of relocating the plastic hinge zone away from the column face is that the
rotation required at each hinge is increased. This can be achieved, but requires careful detailing of

the beams.

A significant effort to improve understanding of the bond-slip relationships was made at the University
of California at Berkeley in the late 1970’s and early 1980’s [12, 22-27]. Lead by Popov and Bertero,
this investigation began by conducting a series of experiments that reemphasised the high likelihood
of bond failure occurring in interior beam-column joints.[12, 26]. Based on the results of these and
other tests an analytical model for predicting the bond-slip behaviour of reinforcing bars was
developed and described by Viwathanatepa et al. [27], Ciampi et al. [22] and Eligehausen et al. [24].
Ciampi et al. [22] also suggested that the minimum bond length (and hence column depth) should be
severely restricted. They suggested that the development length should be between 25 and 40 bar
diameters, and also noted that use of high strength concrete allowed a relaxation of these limits
proportional to the tensile strength of the concrete. Filippou et al. [25] integrated the aforementioned
bond-slip model into a model for beam-column joint sub-assemblies. They then used this model to
assess the effects of various parameters on bond-slip behaviour, and thus on the hysteretic
performance of beam-column joints. They concluded that the ratio of top to bottom reinforcement (B),
bar diameter and yield strength, load history and specimen size all affected the bond-slip behaviour of
beam-column joints. These Berkeley studies played a significant role in the development of the
Paulay/Priestley relationship between bar diameter and column depth [14], subsequently adopted in
the New Zealand design standard [4] and discussed further in section 2.4.

Since the 1970’s, numerous studies have investigated aspects of the performance of interior beam-
column joints. The bond strength developed in these tests has assisted the progressive refinement of
design code requirements related to bond strength, as described in section 2.4. Recent work
overseas has focussed largely on developing computational models for predicting reinforcement slip
and its effect on the response of beam-column joints and moment resisting frames [28-36]. Although
these studies allow considerably more accuracy in the analysis of the seismic response of reinforced
concrete moment resisting frames, they are not relevant to this study, and hence are not detailed
here. An exception to this statement is the investigation conducted by Leon [37]. This consisted of

15



testing four half-scale beam-column joints, all of which had identical beam longitudinal reinforcement.
The purpose of this research was to investigate the effect of column depth on joint performance. The
column depth of the units varied between 16 and 28 bar diameters, and the reinforcement used had a
yield strength of 414 MPa. Leon concluded that an anchorage length of 28 bar diameters (dy/h.<1/28)
was required to ensure adequate joint performance.

Details of recent University of Auckland investigations into bond strength in interior beam-column

joints are given in section 2.5.

2.4 Design Code Requirements in New Zealand for the Prevention of Bond
Failure

It was mentioned in section 2.2 that prior to 1970 little attention was paid to the seismic response of
beam-column joints. This lack of awareness of the importance of beam-column joints in relation to
the performance of a structure was reflected in the seismic design codes of the time. As a result,
early New Zealand concrete design codes did not incorporate specific design requirements for beam-
column joint regions [38]. Users of these codes were referred to then-current American codes,
notably those of the Structural Engineers Association of California (SEAOC) and the American
Concrete Institute (ACI).

Although these American codes included some guidance on providing adequate shear strength and
confinement in the joint region, the provisions dealing with longitudinal reinforcement anchorage in
interior joints was limited. For instance, in their article discussing beam-column joint design
provisions to be used in conjunction with ACI 318-71 (the 1971 edition of the ACI concrete design
code, which was widely used in New Zealand [39, 40]) ACI-ASCE committee 352 emphasised the fact
that bond stresses in interior beam-column joints may be very high [17]. However, they felt there was
insufficient data to allow design rules to be formulated, and stated only that bond deterioration could

be reduced by using smaller diameter reinforcing bars [17].

The lack of direction provided in overseas design codes, and an apparent contradiction of the design
examples presented by ACI-ASCE committee 352 (as discussed by Paulay et al. [41]) led to the
organisation of a discussion group of the New Zealand Society for Earthquake Engineering, tasked
with formulating interim measures for the prevention of anchorage failure in interior beam-column
joints [42]. Although covering grade 275 reinforcement only, the recommendation that beam
reinforcement bar diameter should be limited to 1/25™ of the depth of the column through which it
passed [42] represented the first firm guidance on anchoring of reinforcing bars in interior joints.

The restriction on bar sizes proposed by the discussion group was retained in the 1982 revision of the
New Zealand concrete design code[43]. A new limit was introduced further restricting the bar
diameter that could be used when grade 380 MPa reinforcement was specified (to 1/35"™ of the
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column depth). Both this limit and that for grade 275 reinforcement were based on a more general
limit (eq. 3) discussed by Paulay and Park [44].
d, 12

e e
ho eq.3

In eq. 3 d, is the bar diameter of the beam longitudinal reinforcement, h, the column depth, and f, the
yield strength of the beam longitudinal reinforcement. Some relaxation of this strict requirement was
permitted if the column carried a large axial load [43]. It is important to note that eq. 3 has existed in
two forms, that shown above and an earlier form with 11/, in place of 12/f,. This change was
necessitated by a change in the way reinforcement strength was rated in New Zealand (discussed
below).

The theoretical basis of eq. 3 is straightforward. If it is conservatively assumed that the overstrength
capacity of a reinforcing bar is developed on either side of a beam-column joint (tension yielding on
one side and compression yielding on the other), then the change of force per unit length (Fg) of
bonded reinforcement in the joint region is:
F, = 2a,f A,
h

c

eq. 4

where o, is the overstrength factor for the reinforcement, A is the area of the reinforcing bar, and
other symbols are as for eq. 3. Converting this force to a bond stress (fg), and defining A; in terms of
bar diameter gives:
d,

4 eq.5

2e,f,
fa= 7, h,
Simplifying this and assuming that fg is a limiting bond stress (i.e. the maximum stress that can be
sustained before bond failure) gives:

a fd
2 O—yb edq. 6
fB.M.nx th q
Finally this can be rearranged to give:
d, 2
b < fa,uax eq.7
hc ao fy

which is clearly related to eq. 3. Through calibration with existing test data it was determined that
2fg Max/0, Was approximately equal to eleven for the reinforcement used at the time. Since this time all
New Zealand design standards have included equations for the prevention of bond failure of this form,
ie.

D..

K
sl S o
< eq.8
. f,
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where K is a constant, which has grown in complexity each time a revised standard has been

released.

It was recognised that the restrictions represented by eq. 3 were conservative [14]. Eg. 3 assumed
that the full over-strength capacity of the reinforcing bar developed in compression and tension on the
two sides of the joint [14], and was based on tests where the concrete strength used was low (f';~20-
25 MPa) [14].

Possibly because of the severity of eq. 3 the American Concrete Institute decided on different limits
(bar size to be less than 1/20" of the column depth, irrespective of reinforcement yield stress) when
they revised their beam-column joint design recommendations [45]. It was recognised by the
committee that limited bar slip would occur when this less restrictive design criteria was used [45]; this
was felt to be more desirable than the large column sizes that would result from using the New
Zealand design guideline [43]. This limit remains in the latest ACI design code [46].

Progress towards less conservative design for the prevention of bond failure in beam-column joints
was also made in New Zealand. Park and Ruitong [47] proposed that the New Zealand design code
requirements [43] be replaced with an equation that reduces to the following:

dy o STf. -

h, 1+ ﬁ)a'of}.
Note that eq. 9 differs slightly from the equation published by Park and Ruitong. This is due to the
subsequent change to the way reinforcement is described in New Zealand (see section 2.5). Ineq. 9
dy, he, @, and f, have the same meaning as previously, B represents A;'/A; (B<1.0), the ratio of the
smaller to larger areas of reinforcement (i.e. areas of top and bottom reinforcement) and f'; is the
compressive strength of the concrete (It has long been realised that bond strength depends on the
tensile strength of concrete [6, 24], which is proportional to the square root of f;). Park and Ruitong
felt it was important to include a term allowing for situations where the areas of top and bottom
reinforcement differed (B) since bars that are a part of the larger reinforcement area place lower
demand on the concrete-steel bond than bars that or part of the smaller reinforcement area, or where
the two reinforcement areas are equal. This occurs because the tension force developed by the
smaller reinforcement area will be insufficient to cause the larger reinforcement area to yield in

compression if all reinforcement is of equal yield strength.

Park and Ruitong's equation was calibrated so that for the severe conditions on which the existing
design criteria [43] were based (f': = 20 MPa, equal areas of top and bottom reinforcement, i.e. p =
1.0), eq. 9 would give the same ratio of allowable bar size to column depth as eq. 3. The advantage
of eq. 9 lay in its ability to account for more favourabie bond conditions that might be encountered in

design.
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Before the methods of Park and Ruitong could be considered for inclusion in a revised edition of the
New Zealand concrete design code, a further advance in complexity was proposed by Paulay and
Priestley [14]. Their model took into account column axial load, depth of fresh concrete cast under a
bar and the poorer bond conditions when plastic hinges form simultaneously at all four faces of a
column (as may occur in space frames, see Figure 2-1), in addition to the tensile strength of the
concrete and the yield strength and over-strength of the beam reinforcement.

This model was included with minor changes when the New Zealand concrete design standard was
revised in 1995 [4]:
d ac ;
b < L2 o, L eq.10
h, o, a,f,
In eq. 10 o, is a factor allowing for the positive effect of column axial load, o, is a factor allowing for
the depth of fresh concrete under a reinforcing bar when the joint is cast, o, accounts for the ratio of
positive to negative beam reinforcement (B=As"/As, 0.75=B<1.0), o4 allows for the case when plastic
hinges can form at all four faces of the column, and other symbols have the same meaning as in eq.
9.

There is a significant difference between eq. 9 and eq. 10 in the manner in which they deal with
unequal areas of top and bottom reinforcement. In eq. 9, proposed by Park and Ruitong [47], it is
assumed that p = 1.0 for reinforcement belonging to the group of bars (top or bottom) that has smaller

total area (As"). In eq. 10 s = 2.55-B, and it is assumed that p = 1.0 for reinforcement belonging to the
larger area of (top or bottom) reinforcement. This results in a fundamental difference in the way §
affects the allowable bar diameter. For both eq. 9 and eq. 10 B = 1.0 gives a “reference” allowable
bar diameter, at which the bar diameter allowed for reinforcement in both groups is equal. However,
from this reference point, eq. 9 increases the allowable diameter of reinforcement that is part the
larger reinforcement group (As), while eq. 10 reduces the allowable diameter of bars that are part of
A;'. This is illustrated in Figure 2-3. It is useful to relate this “reference” bar diameter to the diameter

of a bar affected by changing the value of B. Doing this the following relationships are obtained:

4, _ 2 (a)
d' 1+
eq. 11
d, _255-8
d,’ 155 (b)

Eq. 11 (a) & (b) represent the ratios of allowable reinforcement diameter for a bar in the larger
reinforcement group divided by that of a bar in the smaller reinforcement group, according to Park and
Ruitong [47] and NZS 3101:1995 [4] respectively. The ratio is similar for realistic values of B, despite
the different forms of this relationship (hyperbolic vs linear) as can be seen in Figure 2-4. It is noted
that the relations shown in Figure 2-3 & Figure 2-4 are independent of materials strengths.
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As can be seen in Figure 2-5, the differences discussed above result in quite different allowable bar
diameters for the case shown; by extension these differences will exist for all combinations of
materials strengths. It appears that the method of Park and Ruitong [47] is more conservative except
for situations where there is a significant difference between A; and A;’. However, it is important to
note that the relationship used in NZS 3101:1995 (eq. 10) includes other variables to take account of
situations where bond performance is likely to be poor.

Although there are clearly significant differences between the methods of Park and Ruitong [47] and
NZS 3101:1995 (originally Paulay and Priestley [14]), it is not clear from published research whether a
direct comparison of the methods has been made, and hence it is not possible to state which method
is most realistic. It is probably safe to assume that the method included in NZS 3101:1995 is
superior, since one of the authors of each method (Park and Paulay respectively) were amongst the
group responsible for producing NZS 3101:1995.
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Figure 2-3 The effect of § on allowable bar sizes for different design methods
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In addition to the detailed method of defining the limiting ratio of bar diameter to column depth (eq.
10), a less complicated equation was also given in NZS 3101:1995 [4]. In order to simplify the design
procedure, many of the factors included in eq. 10 were assumed to have unfavourable values. These

assumptions gave the following:

Ef’~s3.30:/, --——-"'f‘ eq. 12
hc aofjr

where all variables have the same meaning as above. Comparison of allowable bar diameter
resulting from the use of different beam-column joint anchorage design criteria is given in section 3.

2.5 Recent University of Auckland Studies on Reinforcement Anchorage in
Interior Beam-Column Joints

Since the 1970's the strength of reinforcement used for structural purposes in New Zealand has
gradually increased. Initially two grades were commonly specified, mild (275 MPa nominal yield
strength) and high strength (380 MPa nominal yield strength). These strengths were minimum yield
strength values. A revised specification for steel reinforcement [48] introduced the use of lower
characteristic (fifth percentile) yield strength for designating steel reinforcement. This lead to grade
275 reinforcement being re-designated as grade 300 reinforcement. Subsequently, grade 380
reinforcement was replaced with a new 430 MPa steel that was both stronger and more ductile. More
recently a desire to standardise material properties and design standards with those used in Australia
has led to the somewhat controversial [49] introduction of 500 MPa (grade 500E) reinforcement in
place of grade 430.

In 1998 Young [1] revisited the concept of avoiding anchorage failure through the use of anchor
plates. This research utilised Reidbar reinforcement, a proprietary threaded reinforcing bar onto
which anchor plates could be screwed. This solution avoided many of the difficulties associated with

the use of welded anchor plates [1]. Importantly, Reidbar had a yield strength of 500 MPa.

In addition to re-emphasising the good performance of beam-column joints including anchor plates,
Young's study revealed that the existing design requirements for the prevention of anchorage failure
in beam-column joints (see eq. 10 and eq. 12) were non-conservative when applied to 500 MPa
reinforcement. As a means of assessing the performance of the test unit including anchor plates, a
second beam-column joint was built. This control test unit was designed according to NZS 3101:1995
[4]. However, when tested, anchorage failure occurred and significant slip of the beam longitudinal

reinforcement was noted.

Despite concerns being expressed over the suitability of high strength reinforcement for use in beams
of ductile moment resisting frames [49-52], it was considered unsatisfactory that the new grade of
reinforcing steel appeared to be incompatible with the New Zealand concrete design standard.

Therefore, four further beam-column joint tests were conducted by Megget et al. [2] at the University
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of Auckland. These four test units were all designed in accordance with NZS 3101:1995 [4], and
included small diameter (<20 mm) grade 500 longitudinal reinforcement in the beams [2]. In
particular, the column depths exceeded those required. In all four of these tests bond failure occurred
at ductilities significantly lower than the maximum value of six specified in the New Zealand concrete

design standard [2].

In order to reconcile the previously noted bond failures of beam-column joints [1, 2] designed in
accordance with NZS 3101:1995 [4], Fenwick and Megget conducted an analytical study of previous
beam-column joint tests in order to determine if it was necessary to alter the design provisions for the
prevention of bond failure in NZS 3101:1995. This study [3] analysed the results of 59 beam-column
joint tests and established whether anchorage failure occurred in each test. By correlating the yield
strength of the beam reinforcement, the column size and the inter-storey drift level at which bond
failure occurred, they came to the conclusion that the New Zealand concrete design standard was
non-conservative with respect to the prevention of bond failure in beam-column joints.

To rectify this problem an amendment to NZS 3101:1995 was released late in 2003. This amendment

is discussed in more detail in section 3.
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3 NZS 3101:1995 Amendment No.3

3.1 Amendment No.3 and its Effects

Over its ten year lifespan NZS 3101:1995 [4] has been amended three times to correct mistakes and
to include new research findings. The most recent (and final) amendment was released in late 2003.
The primary reasons for this amendment were the need to address research indicating problems with
the design of precast flooring [53] and to take into account a new standard for reinforcing steel,
released in 2001 [54].

There were a number of additional changes made to NZS 3101:1995 [4] with the release of this
amendment. Among these was a change to the rules governing design to prevent anchorage failure
in interior beam-column joints. As mentioned previously (see section 2.5 above) this change was
made as a result of work carried out by Fenwick and Megget at the University of Auckland [3].

To account for the poor bond performance of beam-column joints containing grade 500 reinforcement
[2] a modification factor for the allowable ratio of bar diameter to column depth was introduced. The

amended clause reads as follows:

The maximum diameter of Grades 300 and 500 longitudinal beam bars passing through an
interior joint shall be computed from either eq. 10 or eq. 12 above provided one of the
conditions, (i) to (v) below is satisfied:

(i) Grade 300 reinforcement is used;

(ii) Inter-storey deflections are calculated using the time history method and satisfy
the limits of clause 2.5.4.5 of NZS 4203 [10];

(iii) The inter-storey deflection divided by the storey height (the inter-storey drift ratio)
at the ultimate limit state do not exceed 1.2% when calculated using the equivalent
static or modal response spectrum methods;

(iv) The beam-column joint zone is protected from plastic hinge formation at the faces
of the column;

(v) The plastic hinge rotation at either face of the column does not exceed 0.006
radians

If none of these conditions is satisfied the permissible diameter of Grade 500 beam
reinforcement passing through an interior joint shall be determined by muitiplying the diameter

given by eq. 10 or eq. 12 above by F.

)
F =[2.2 =15 5‘ ] but not greater than 1.0 eq.13

Where:
3. = Calculated inter-storey deflections given by clause 4.7 of NZS 4203 [10].
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8n = Maximum permissible inter-storey drift given by clause 2.5.4.5 of NZS 4203 [10].

It is planned that this amended clause will be included unchanged in the new New Zealand Concrete
design standard, currently available in draft form as DZ 3101 [55].

Irrespective of the actual drift limit (8,) it can be readily determined that the limiting upper value of
F=1.0 is reached when &; is 80% of the maximum allowable drift. At the other extreme, F=0.7 when
the design drift level is equal to the maximum allowed - i.e. when §.=3, the maximum reinforcement
diameter allowed is only 70% of that indicated by either eq. 10 or eq. 12.

Reducing bar diameter by 30% results in a 51% reduction in bar cross-sectional area, and hence bar
strength. Therefore twice as many bars will be required to carry a given tension force. This additional
reinforcement will obviously lead to significantly increased reinforcement congestion. This will be
particularly severe at the beam-column joints, where reinforcement congestion has always been a
problem. The other means of meeting the requirements of the amendment are to use the same (pre-
amendment 3) reinforcement diameter and to increase the column width by 43% (1/0.7), or to use

grade 300 reinforcement.

3.2 Comparison of Historical New Zealand Methods of Determining Maximum
Bar Diameter in Interior Beam-Column Joints

Figure 3-1 presents a comparison of the different methods used at times in New Zealand for the
determination of the maximum bar diameter passing through an interior beam-column joint.

In Figure 3-1 it is assumed that an interior joint from a perimeter frame (i.e. two beams framing into a
column from opposite sides, see Figure 2-1, bottom right) is being designed, for a worst case of no
column axial load. No account is made for the depth of fresh concrete beneath the bars in question
(meaning that more conservative restrictions will apply for some bars designed using NZS 3101:1995
or DZ 3101, both of which require a 15% reduction in bar diameter for bars with more than 300 mm of
fresh concrete beneath them when the concrete surrounding the bar is poured), and it is assumed
that equal areas of top and bottom reinforcement are to be placed in the beams. Grade 300E and
500E reinforcement is considered, along with a range of concrete strengths from 20 MPa to 70 MPa.
Finally, the column depth has been selected as 600 mm. Note that the values given for DZ 3101 [55]
are identical to values that would be calculated using NZS 3101:1995 after the release of amendment

3 (discussed previously).

The most obvious change since NZS 3101:1982 [43] is the increase in bar diameter allowed where
high strength concrete is used. For low strength concrete, the maximum bar diameter is similar
whichever relationship is used. It can also be seen that NZS 3101:1995 [4] (without amendment 3) is
the least conservative of the relationships plotted. The other noteworthy feature is the great
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difference in allowable bar diameter allowed by DZ 3101 (and NZS 3101:1995 with amendment 3)
depending on whether grade 300E or 500E reinforcement is used.
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Figure 3-1 Comparison of bar diameter restrictions for different design methods

3.3 The Use of Grade 500E Beam Longitudinal Reinforcement in Moment
Resisting Frames
As mentioned above, amendment 3 to NZS 3101:1995 (and DZ 3101) requires the diameter of a

grade 500E reinforcing bar to be significantly greater than the diameter of a grade 300E reinforcing

bar. Numerically, this difference is equal to

500 1 [y s008 - 1.4 *L*SOO:Z_Z‘ _—
&, 3005 F fy,3m5 1.25 0.7 300 3 d

[

i.e. the diameter of a grade 300E reinforcing bar is allowed to be 2.667 times the diameter of a grade
500E reinforcing bar if the column depth is equal.

This reduced allowable bar diameter has a large impact on the numbers of bars of different
reinforcement grade required to resist a given tension force. Firstly, defining a constant:

aa. o
K=6——L"L[f h, "1
as

and referring to eq. 10 and eq. 13, the allowable bar diameters for grade 300E and 500E are:
K (@)

d .16
P30071.25%300 &1
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0.7K (b)

P07 1.4%500
Hence the force that can be carried by a bar of the maximum allowable size is:
0.64K*> 7
e a
5300 300 4 ()
eq. 17
0.25K* x
B st~ e ()
500 4

The number of reinforcing bars, Ny, required to carry a tension force, T, is equal to the tension force
divided by the force the bars can each sustain (N,=T/F,). The ratio of the number of grade 500E
reinforcing bars required to the number of grade 300E bars required is thus:
Ny _ Fyign _0.64%*500
Nyw Fog 0.25%300

4.267 (@ eq.18

i.e. more than four grade 500E reinforcing bars may be required for every grade 300E reinforcing bar,
despite the apparent strength advantage of grade 500E reinforcement, despite the apparent strength
advantage of grade 500E reinforcement.

The figure of 4.267 arrived at above represents close to the maximum increase in the number of bars
required if grade 500E reinforcement was chosen in place of grade 300E. Table 3-1 shows the
influence that different parameters have on the ratio given in eq. 18. In the table various required
tension forces, column depths and concrete strengths were chosen. Maximum bar diameters were
calculated for grade 300E and 500E reinforcement and from these, useable bar sizes from the Pacific
steel range' were selected. The whole number of bars required to carry the selected tension force
was then calculated", along with the ratio of the number of grade 500E to 300E bars required.

While Table 3-1 represents a relatively small range of beam-column joints, it is evident that the ratios
calculated are all equal to or less than the result of eq. 18 (with the exception of the first row, where
unrealistically small grade 500 reinforcement is required), and that in all cases at least twice as many
reinforcing bars are required when using grade 500E reinforcement. Table 3-1 is a sample of a much
larger selection of beam-column joints analysed at the University of Auckland. For this larger study,
the ranges of variables investigated was:

Tension Force, T 200 kN = 1500 kN (~3D16 — 6D32), 100 kN steps
Concrete Strength, f'. 30 MPa - 70 MPa, 5 MPa steps

"It was assumed that deformed bars of 10, 12, 16, 20, 25 and 32 mm diameter were available in both grade 300E and grade
500E types.

" In calculating the number of reinforcing bars required to carry the tension force an allowance was made that if the strength of
a number of reinforcing bars was within 5% of the required strength this would be sufficient. This allowance is in line with
common design practice.
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Column Depth, h, 300 mm — 1000 mm, 100 mm steps

These ranges were considered to include all beam-column joints likely to be designed in New Zealand

at present. Combining these variables in all combinations gave a total of 1008 beam-column joints
that were analysed. A breakdown of the results of these analyses is given in Table 3-2.

Table 3-1 Effect of changing design parameters on number of reinforcing bars required

Vary T h, f'e db max | dbused | NO. bars | dy max | dbusea | NO.bars | Npseo
G300E | G300E | G300E | G500E | G500E G500E Nb3oo
(kN) | (mm) | (MPa) | (mm) (mm) (mm) (mm)
400 226 20 7 8.5 6* 41* 5.9
500 28.3 25 4 10.6 10 15 3.8
h, 600 600 30 33.9 32 3 12.7 12 11 3.7
700 39.6 32 3 14.8 12 11 3.7
800 452 32 3 17.0 16 6 2.0
30 33.9 32 3 12.7 12 11 3.7
40 39.2 32 3 14.7 12 1 3.7
fle 600 600 50 43.8 32 3 16.4 16 6 2.0
60 48.0 32 3 18.0 16 6 2.0
70 51.8 32 3 19.4 16 6 2.0
400 339 32 2 12.7 12 7 3.5
500 33.9 32 2 12.7 12 9 45
T 600 600 30 33.9 32 3 12.7 12 11 37
700 33.9 32 3 12.7 12 12 4.0
800 33.9 32 4 12.7 12 14 3.5

*6 mm grade 500E reinforcement is not a standard size — shown for comparison only

Table 3-2 Summary of beam-column joints analyses

Nusoo Number of Proportion
Nuaoo Joints

NA 168 16.7%
<1.0 12 1.2%
=1.0 158 15.7%
>1.0 670 66.5%

Of the beam-column joints analysed, no ratio of the number of grade 500E bars required to the
number of grade 300E bars required could be calculated for 17% (168) of the cases. These cases
had combinations of column depth (small) and concrete strength (low) that made it impossible to
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design an NZS 3101:1995 compliant joint using grade 500E reinforcement. For example, for a
300 mm deep column no acceptable grade 500E reinforcement size was available, even when using
70 MPa concrete.

The beam-column joints that resulted in a less congested or equally congested joint region (i.e. fewer
or equal number of longitudinal reinforcing bars) if grade 500E reinforcement was used instead of
grade 300 reinforcement were exclusively cases where the combination of concrete strength (high)
and column depth (large) resulted in the diameter of grade 300E reinforcement used being governed
by the largest available bar diameter rather than the largest allowable bar diameter (e.g. for grade
300E reinforcement, dp anowed is 86 mm when f'; is 70 MPa and h; is 1000 mm). The twelve joints for
which the number of grade 500 bars required was less than the number of grade 300 bars were all
combinations of the highest concrete strength and largest column size included (70 MPa and
1000 mm respectively).  This combination allowed the use of 32 mm diameter grade 500
reinforcement.

Removing these categories left the beam-column joints for which a greater number of grade 500E
reinforcing bars were required than grade 300E bars. Of these 670 joints, approximately 70% (480)
required at least twice as many bars of grade 500E reinforcement, while some required as many as
4.5 times as many.

The analysis conducted is a somewhat chaotic calculation — i.e. small differences in the input
variables can result in significantly different results. This is due to the need to use specific bar sizes
and whole numbers of bars. In order to assess the influence of the particular values of the variables
chosen, these were randomised within ranges that bisected the steps discussed above, i.e.

Tension Force, T 100 kN steps, +50 kN
Concrete Strength, f', 5 MPa steps, 2.5 MPa
Column Depth, h, 100 mm steps, +50 mm

In addition the allowance mentioned in footnote Il was varied between 0% and 5%.

Although it is difficult to quantify the impact of the randomizations described, the authors are confident
that changing the variables does not have a significant impact on the proportions of joints listed in
Table 3-2. For instance, the proportion of joints requiring a greater number of grade 500 bars than
grade 300 bars was seen to vary between 62.5% and 75% when variables were randomised as
described.

Further calculations were made to assess the impact of possible changes to the overstrength factor of
grade 500E reinforcement or to the minimum value of F (see eq. 13). For each change the designs of
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the full set of 1008 beam-column joints were reassessed. The results of these changes are
summarised in Table 3-3. For convenience the first results in Table 3-3 are for the case analysed

previously.

Table 3-3 The impact of changes to overstrength and F factors

Nbsoo

Nu3oo
a, Grade Minimum F NA <1.0 =1.0 >1.0

500E

1.4 0.7 168 12 158 670
1.35 0.7 140 24 187 657
1.4 0.8 98 72 236 602
1.35 0.8 70 84 253 601

It can be seen that changing the overstrength factor of grade 500E reinforcement has little impact on
the results of the analysis. Increasing the minimum value of F has more effect, reducing the number

of cases for which grade 500E reinforcement cannot be used, and increasing the number of cases for
which the use of grade 500E reinforcement is advantageous or makes no impact, at least in terms of
the number of reinforcing bars required. However, almost 60% of cases still require more grade 500E

reinforcing bars.

From the observations made in this section, it seems the conclusion must be made that using grade

500E beam flexural reinforcement is not an attractive design solution when using amendment 3 to
NZS 3101:1995 [4], or the forthcoming replacement of NZS 3101:1995.
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4 Design and Construction of Test Units and Test Method
4.1 Design

The four beam-column joint sub-assemblies tested during this research programme were all designed
according to the New Zealand Concrete design standard [4]. In order to aid comparison with the
results of previous beam-column joint tests [1, 2], dimensions were kept similar to those of the
previous tests where possible. To avoid confusion with these previous units, the test units were
designated units 1B-4B.

For all four units the beams had cross sectional dimensions of 500 mm depth and 200 mm width, the
same as those used by Young [1] and Megget et al. [2]. Equal top and bottom beam longitudinal
reinforcement was chosen as three 25 mm diameter bars of grade 500E steel. This was chosen to
achieve close to the maximum allowable reinforcement ratio, and was significantly more
reinforcement than included in the previous tests mentioned. In order to maximise the quantity of
reinforcement that could be placed in the beams it was decided to reduce the concrete cover to the
outside of the stirrups to 15 mm, which is less than that specified by NZS 3101:1995 [4]. It was felt
this was acceptable since the lifespan of the test units was short, and they were constructed and
tested in an indoor environment with no potential exposure to the elements.

In accordance with New Zealand standards [4, 10], the design of other aspects of the test units was
determined by capacity design requirements so that the column flexural strength and the shear
strength of the beams, columns and joint region were designed to exceed the actions that would be
imposed on them by both beams simultaneously developing their ultimate (overstrength) strength.

The column depth of each unit was based on that required by eq. 10. At the time of design
amendment 3 (see section 3 above) was not finalised and a draft of the amendment was used. This
was similar to the final amendment, but instead of being determined by eq. 13, F had a constant value
of 0.8. The use of the amendment required some very large column depths, and the depth of the first
test unit (unit 1B) was reduced to allow the use of existing column restraints. The design of the
column depths for units 1B-4B is summarised in Table 4-1.

Table 4-1 Design of column depths, units 1B-4B

he he
Unit dy fy F o | Op O o | 0 | hcreq. used usedireq.
(mm) | (MPa) | (MPa) (mm) (mm)
1B 25 500 35 081010 ]| 155 (10| 14 955 800 0.84

2B 25 500 50 08 (10|10 155 | 1.0 14 799 800 1.00

3B 25 500 50 (08|10 |10 155 [ 10| 1.4 799 675 0.84

4B 25 500 40 |08 |10(1.0) 15 [1.0]| 14 894 675 0.76
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It can be seen in Table 4-1 that for three of the test units the column size used was less than that
specified by the NZS 3101:1995, even when using a less conservative value of F than that in the final
amendment. These reduced column depths were chosen to promote bond failure before the
occurrence of other failures such as plastic hinge buckling. It is also worth noting that the
overstrength factor, o, used was 1.4, rather than the more typical value of 1.25 used for lower
reinforcement grades. 1.4 is the value suggested by Bull and Allington [56], and has been adopted
for use with grade 500E reinforcement in a draft revised concrete design standard [55].

The reinforcement used for all four units was similar, differing only in the column longitudinal
reinforcement and the shear reinforcement in the joint region. Typical reinforcement detailing can be
seen in Figure 4-1, and details of column and joint reinforcement are given in Table 4-2. Note that the
column depth shown in Figure 4-1 applied only to units 1B&2B — the column depth of units 3B&4B
was 675 mm as shown in Table 4-1.

Section A-A
5 Sets R10 @ 120mm c/c 62.5mm H025 Top.and Botiom
H00mm 37.5mm
10 Sets R10 @ 80mm clc s e P i
Joint Ragion : 7 Sets HR12 @ 65mm c/c (Unit 1B)
2200mm
6 Sets HR12 @ 78mm c/c (Unit 2B, 3B & 4B) f

37mm 181.5mm 14 HD20 (Units 1B & 2B) T
80mm 1 14 HD16 (Units 3B & 4B) \ 5 Sets R10 @ 225mm clc
~:1:§ J360mm Bi jB 11 Sets R10 @ 100mm c/c
103mm| | gogmm

Section B-B

Figure 4-1 Typical reinforcement detailing, units 1B-4B

Table 4-2 Test unit reinforcement details

Unit Column Joint Shear
Reinforcement Reinforcement
1B 14-HD20 7 sets, 4 legged HR12
2B 14-HD20 6 sets, 4 legged HR12
3B 14-HD16 6 sets, 4 legged HR12
4B 14-HD16 6 sets, 4 legged HR12

4.2 Construction

Units 1B-4B were all constructed on site in the Civil Engineering Test Hall at the University of

Auckland.
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Reinforcement for the units was supplied by Pacific Steel and was delivered in two batches, the first
including reinforcement for units 1B and 2B, the second that for the last two units. Additional
reinforcement was ordered in each case so that the actual strength of the reinforcement could be
measured (as opposed to the nominal yield strength, which is almost always lower than the actual
strength). The measured reinforcement properties are shown in Table 4-3.

Table 4-3 Measured reinforcement properties

Bar Type Unit f, fu
(MPa) (MPa)
HD25 1B, 2B 552 682
HD25 3B, 4B 543 670
HD16 3B, 4B 584 717

No value for the strength of the column reinforcement of units 1B and 2B was obtained. 20 mm
diameter Grade 300E reinforcement was ordered for this purpose. However, upon delivery it was
found that grade 500E reinforcement had been delivered, and that no extra reinforcement had been
included. It was decided to proceed with construction of units 1B and 2B using the higher strength
reinforcement as it was envisaged this would have no significant effect on the performance of the unit.

Concrete for the four test units was supplied by a number of different companies. All concrete was
delivered as a wet mix direct to the test hall. At the same time as the test units were cast at least six
cylinders (100 mm diameter and 200 mm height) were also cast to allow the compressive strength of
the concrete to be measured.

After pouring of the concrete the test units were covered with wet sacking and black polythene to
ensure the concrete was kept moist during the initial stages of curing. The sacking was removed after
two-three days, and the formwork was removed after approximately one week.

Measured concrete properties at the time of testing of each unit are shown in Table 4-4.

Table 4-4 Measured concrete properties

i T Age at fe Standard
spec. test meas. | Deviation
(MPa) | (Days) (MPa) (MPa)
1B 35 55 31.2 23
2B 50 26 40.6 0.9
3B 50 33 44.8 0.2
4B 40 28 42.8 1.0
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4.3 Test Method

The method used during this series of tests was similar to that used by Young [1], Megget et al. [2]
and other previous researchers at the University of Auckland.

The test setup used is shown in Figure 4-2. The units were tested horizontally, parallel to the strong
floor of the Civil Engineering Test Hall. As is usual in New Zealand the units were tested under a
simulated seismic loading regime. In order to apply these cyclic loads double acting hydraulic jacks
were mounted to the end of each beam. The other end of these actuators was bolted to the strong

floor via welded steel brackets.

No structurally significant axial load was applied to the columns of the test units. However, single
acting hydraulic jacks were mounted at each end of the column and small (N*~0.01Af".) forces were
applied. These forces were to prevent movement of the unit that might occur if the forces in the
double acting actuators were not balanced. The column ends were held laterally by steel frames
bolted to the strong floor.

jack

Figure 4-2 Layout of portal gauges and hydraulic actuators

The force in the single acting jacks was applied manually prior to testing using hand pumps. Control
of the double acting jacks was by one of two methods. Initially a mechanical control system was
used. Flow of hydraulic oil was directed to the appropriate end (push or pull) of each jack by tap type
valves, and the force/displacement was controlled by manually operating a master valve. For later
tests a computer controlled pump was developed. This allowed displacements to be input into the
computer, which then operated valves to ensure the correct displacement was achieved. In theory
this was a much superior system to the old manually operated pump, and should have allowed more
accuracy of control. However, the system was only used briefly before problems were found requiring
further development work.
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Almost eighty gauges were mounted on each test unit. The majority of these were portal gauge
transducers. These were attached to the unit by attaching suitable mounts to threaded studs that can
be either glued into the concrete or (more commonly) welded to the reinforcing cage prior to pouring
the concrete. Of particular note are the gauges marked A-D in Figure 4-2. These gauges were
installed to monitor the slip of the beam longitudinal reinforcement through the joint region.

In addition to the portal gauge transducers, load cells were installed between each hydraulic actuator
and the point where it met the test unit. These load cells allowed accurate measurement of the forces
applied to the specimen. Turn potentiometer gauges were mounted over the stroke of each double
acting actuator. These were used to measure the gross displacement of the beam ends relative to
the strong floor and due to the importance of the measurement and the reputation of turn
potentiometers for inaccuracy, it was felt to be prudent to provide redundancy and a check value by
mounting large portal gauges at the same location. These gauges only had a capacity of +50 mm, so
had to be removed after the low displacement cycles were completed. The readings from the turn
potentiometer gauges proved sufficiently reliable (see Figure 4-3) that the large portal gauges were
omitted for the third and fourth tests. As a further redundancy steel rulers were mounted at the same
point to allow visual checking of displacement, and to act as a record of progress if power failure
interrupted testing.

60

y =0.9964x + 0.3671
40

8

Ideally, each tumpot reading
should be identical to each large
portal gauge reading, i.e. y=1.0x

Large Portal Gauge Reading (mm)
8 o

-60 -40 -20 0 20 40 60
Turnpot Reading (mm)

Figure 4-3 Readings of turnpot vs. large portal gauge at beam ends

The loading history applied to the units was based on one that has been used in New Zealand for
many years and which was described by Park [57]. However, due to the increased inter-storey yield
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drifts that are a characteristic of the use of high yield strength reinforcement [3], it was decided that
load cycles would be inter-storey drift controlled instead of ductility controlled.

The loading history used, which is shown in Figure 4-4, began with a number of cycles to low inter-
storey drift levels. These cycles all remained in the elastic range and differed between test units.
Typically the unit would be loaded to a drift level of 0.5% in both directions. At this point testing would
be paused and the results scrutinised to discern if all gauges seemed to be reading correctly.

If there were no apparent problems, loading was continued with two complete (i.e. positive peak to
negative peak) loading cycles to 1.0% drift, followed by an increase of the drift level by 1.0% and two
more complete cycles. This process was repeated until failure occurred.

6.0%

: AAAAAA
== VYT

-4.0% 1

Storey Drift

Testing continued until failure

-6.0%
0 2 4 6 8 10 12 14 16 18 20 22

Loading Step

Figure 4-4 Loading history used for units 1B-4B

4.4 Definitions

For the purposes of these tests, a positive force was defined as one that would result in an anti-
clockwise movement of the load points about the joint. In measuring the translational movement of
the joint relative to the floor, a positive movement was defined as upwards and to the right. These
definitions are shown in Figure 4-5.

A push cycle was defined as one resulting in positive forces and displacements in contrast to a pull
cycle, which resulted in a negative displacement of the load points. Loading began with a push cycle.
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Figure 4-5 Positive displacements of units 1B-4B

Cracks that occurred during a push cycle were marked in red, and blue markings designated cracks
that occurred during a pull cycle. All cracks were appropriately labelled, e.g. 2%" designated the
second cycle to 2% drift in either the positive or negative direction, depending on the colour of the
marking.
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5 Test Observations
5.1 Unit1B

% F, Push

Immediately prior to testing, all gauges were checked to ensure that they were working correctly, and
those that were not were replaced and rechecked. Finally, the reading on the steel rulers was noted,
being 301 mm for the left hand beam and 272 mm for the right hand beam.

For this unit typical New Zealand practice was followed and a half-cycle to 3 F, (% of the design
strength of the unit) was planned in each direction. In this case 3% F, corresponded with a load of
113 kN. During loading of the beams it was noted that the left beam was lagging behind the right
beam, probably indicating more friction in the seals on the jack.

Neither beam appeared to achieve the required strength of 113 kN. The force measured in the right
hand load cell stopped increasing significantly when it reached 87 kN. The cycle was continued
beyond this point to see if the left hand beam would behave differently. It did not, and the force
levelled off at 85 kN. The force on both beams increased slowly beyond this point, with the force
displacement plots giving the appearance that the two beams had yielded.

This behaviour was found to be the result of a misidentification of the load cells measuring the applied
force. This meant that the wrong calibration factors were input into the data acquisition software.
This mistake was not established until after conclusion of the testing. Note however that all resuits
are presented showing the corrected forces and that the actual strength achieved for this cycle was
approximately 170 kN, equating to a face moment of 356 kNm.

The initial yield displacement for both beams was approximately 32 mm. This corresponded to a drift
of 1.32%. Due to the desire to establish that the force had definitely stopped increasing, both beams
had undergone significant inelastic type deformations, particularly the right hand beam, which
reached yield first. For the left hand beam the final displacement at the end of the cycle was
approximately 41 mm, and for the right beam 49 mm.

The impression that both beams had yielded was reinforced by the presence of extensive cracking
(see Figure 5-1). Both beams showed flexural and shear cracks along their length, and the joint zone
also exhibited shear cracking. In addition, some flexural cracking was noted in the column, and minor
crushing of the concrete was seen at the beam-column interface.

Upon release of the load, the residual deformation for the left and right beams was approximately
15.4 mm and 21 mm respectively, again indicating yielding had occurred in the beams.
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Figure 5-1 Cracking of right hand beam during first cycle to 3/4 M,

Due to the disparity in actual and predicted strength, time was taken at this point to recheck that all
gauges were registering correctly, and that the readings of the gauges at the load point matched
those of the steel rulers. The reading of the left ruler was 258 mm, giving a difference of 43 mm, and
the right ruler read 222 mm, a displacement of 50 mm. These readings verified that the
displacements measured were accurate. Finally, the readings at the load points were compared with
the combined displacements due to beam shear and flexure, column shear and flexure, joint shear
and errors due to movement of the unit relative to the floor. These were found to be in reasonable

agreement (see Figure 5-2 and Figure 5-3).

Following these checks it was decided that the next half-cycle would pull the beams to their apparent

yield displacement (31 mm), assuming they behaved symmetrically as expected.

31 mm Pull

Strengths of 369 kNm and 344 kNm were achieved by the left-hand and right-hand beams
respectively. The left hand beam achieved maximum strength at the maximum displacement, while
the right hand beam appeared to yield at a displacement of around 26 mm. This was probably due to
the larger residual displacement of the right hand beam after the push cycle.

As for the “% F," push cycle, extensive flexural and shear cracking was noted in both beams, with

some shear cracks opening to a width of approximately one milimetre. The joint and columns
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cracked as for the push cycle, and the overall crack pattern was similar to the push cycle but reversed

as expected (see Figure 5-4). Residual displacements of approximately 4 mm were noted for both
beams.
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Figure 5-2 Components of displacement for left hand beam, first cycle
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Figure 5-3 Components of displacement for right hand beam, first cycle
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Figure 5-4 Crack pattern after second cycle to 3/4 M,

40 mm Push
Due to the unexpected behaviour of unit 1B during the first cycle it was decided that the next cycle
would be a push-pull pair to 40 mm. This was chosen since both beams had already experienced at

least this deformation in the push direction.

During a brief analysis of the data from the previous pull half-cycle, it became apparent that there was
a discrepancy in the readings for the right hand beam. From the lower right quadrant of Figure 5-3 it
is obvious that the readings of the portal gauge and turnpot did not match the composite displacement
calculated from the gauges measuring shear and flexure. It was determined that this was caused by
a faulty gauge in the top of the plastic hinge region of the right hand beam.

Replacing this gauge required the initial reading to be recorded and a guess made of what the actual
reading should be. It was estimated from observation of the corresponding gauges that the reading
following release of the load would be approximately one millimetre. Adjusting the data such that this
was the case gave a good match between the turnpot and composite measurements (see Figure 5-6).

Strengths developed during this cycle were 333 and 289 kNm for the left and right beam respectively.
The strength developed by the right hand beam was significantly lower than during the first push

41



cycle. This can probably be attributed to the fact that the right hand beam had previously been
displaced almost 50 mm in the push direction.
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Figure 5-5 Left hand beam displacements for 40 mm push and pull cycles
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Figure 5-6 Right hand beam displacements for 40 mm push and pull cycles
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During the 40 mm push half-cycle, few new cracks were noted. Existing shear and flexural cracks
extended, particularly in the joint zone, and splitting cracks formed on the column faces adjacent to
the beams. This was probably due to the thin layer of cover concrete provided in the design. Minor
spalling was noted at the beam-column interface. It was not surprising that few new cracks formed as
both beams had been displaced 40 mm or more previously.

40 mm Pull

This half-cycle was very similar to the 40 mm push. Strength development for the left beam was 363
kNm while the right beam achieved a strength of 352 kNm. More new cracks were noted than in the
push half-cycle, due to the unit reaching higher displacements than it had previously done in the
negative direction. Less spalling was evident than in the 40 mm push half-cycle.

Due to the low initial stiffness and the likelihood at the time that the test unit would not achieve it's
design strength, it was decided to conduct a full set of four half-cycles to two percent drift (48.9 mm
beam end displacement), followed by sets at three, four and five percent drift if the unit remained
structurally capable of doing so.

2% Push |

The maximum strength achieved by the left beam was 350 kNm, and that of the right beam was 343
kNm. The crack at the column face of both beams had opened to approximately 4 mm at this stage,
and well developed plastic hinges were apparent in both beams. Cracks within the plastic hinges

were up to 1 mm in width.

2% Pull |

The strength developed by both beams was approximately 350 kNm during this half-cycle. Due to the
large displacements required to achieve a drift level of 2% it was decided that the big portal gauges at
the load points would be removed to prevent damage. From the next cycle onwards the gross
displacement of the beams would be measured only by the turn potentiometers mounted at the same
location. As these seemed to be recording accurately (see Figure 4-3) this was not felt to be a

problem.

As was the case for the 2% push cycle, the cracks at the column face opened to between 4 and 5 mm
during this half-cycle. The left hand plastic hinge zone in particular was extensively cracked (see
Figure 5-7).

The right hand plastic hinge zone was less cracked overall, but was crossed by a large crack of
approximately 2 mm width. Some concrete was lost from both plastic hinge zones, covering an area
of approximately 1000 mm? on the right hand beam. However, the concrete loss at this stage was

purely cosmetic.
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Figure 5-7 Left-hand plastic hinge zone at end of first 2% pull half-cycle

2% Push Il

During this half-cycle the strength developed in the left beam was 363 kNm and in the right beam was
342 kNm. Cracks in both halves of the column extended by small amounts, and splitting cracks
formed on the tension side of both beams. The shear cracks that had formed much earlier in the test
now extended right across the depth of both beams.

2% Pull Il
The left beam reached a strength of 376 kNm and the right 357 kNm. No significant new damage

was noted.

3% Push |

The plastic hinge zones of both beams were extensively damaged at the end of this cycle. The
primary crack at the column face of both beams was approximately 7 mm wide. The left hand hinge
zone featured a second crack of 4 mm width, and several others up to 1 mm wide, while the right
hand hinge contained several cracks of 2-3 mm width. The damage to the plastic hinge zones is
shown in Figure 5-8 and Figure 5-9.

Little new damage was visible in either the column or joint zone of the unit. This indicated that the
weak beam design philosophy was performing as expected.



Figure 5-8 Left hand plastic hinge after first half-cycle to 3% drift

Figure 5-9 Right hand plastic hinge zone after first half-cycle to 3% drift
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3% Pull |
As noted above, well developed plastic hinges were evident on both sides of the joint zone. Again,
little damage was noticed outside of the plastic hinges. During this half-cycle splitting cracks

developed above the reinforcement of both beams.

3% Push Il
No significant damage was noticed during this half-cycle. Stirrups were visible through the crack at
the beam-column interface from this cycle onwards.

3% Pull ll

Many new splitting cracks were observed during this cycle, on the left hand top side of the column, in
the tension side of the right hand beam, and the compression side of the left hand beam. This crack
is illustrated in Figure 5-10. The plastic hinge zones continued to absorb the majority of new damage.

Figure 5-10 Splitting crack in left hand beam during 3% pull two half-cycle

4% Push |
The most obvious damage to occur during this half-cycle was a significant loosening of the cover
concrete in the plastic hinge zones. Coincident with this was the dropping of concrete from the

underside of the beam as the same loosening occurred.
The cracks at the beam-column interface were over 10 mm wide at this stage.
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4% Pull |
A large chunk of concrete fell from the tension side of the top beam during this cycle. This is
illustrated in Figure 5-11. The splitting cracks in the beams continued to extend.

4% Push I

The right hand beam twisted through an angle of approximately three degrees. Significant spalling of
concrete occurred in both plastic hinge zones, and reinforcing bars were visible in these areas. The
bars of the right hand beam appeared to have buckled.

Figure 5-11 Right hand plastic hinge zone showing area where concrete fell away during 4%
pull cycle one

4% Pull 1l

The concrete of both plastic hinge zones had broken up considerably by the end of this cycle, as can
be seen in Figure 5-12 and Figure 5-13. Two bars were clearly exposed in the right hand plastic
hinge zone.

5% Push |
Both beam twisted severely in this half-cycle (see Figure 5-14 and Figure 5-16), and gauges were
removed from around the beam-column interface to prevent damage to these. The concrete of the
left hand plastic hinge zone was essentially destroyed at this stage (see Figure 5-15). The break up
of the concrete in the right hand hinge zone was not as severe, but the reinforcing bars in
compression were fully exposed and badly buckled as shown in Figure 5-17.
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5% Pull |

Due to the advanced state of damage to the unit, testing was halted following completion of this cycle.
It was evident that the apparent good condition of the concrete in the right hand plastic hinge zone
during the previous cycle was an illusion. Upon reversal of the loading direction large quantities of
concrete fell from the right hand hinge, obviously crushed badly during the previous cycle (see Figure
5-18).

It now appeared that the plastic hinge zone of the left hand beam was in better condition, as is shown
in Figure 5-19. It is seen that the damage to the left hand hinge was limited largely to the cover
concrete, leaving the confined core intact in comparison to the right hand hinge.

The final condition of unit 1 can be seen in Figure 5-20. It is emphasised that after the first few half-
cycles almost all damage was concentrated in the plastic hinge zones, and that no crack in the

column or joint region exceeded 1 mm in width.

Figure 5-12 Left hand plastic hinge zone at conclusion of 4% drift cycles
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Figure 5-13 Right hand plastic hinge zone at conclusion of 4% drift cycles

Figure 5-14 Left hand beam at 5% drift, push direction
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Figure 5-16 Right hand beam at 5% drift, push direction
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Figure 5-17 Buckling of bars in right hand plastic hinge zone during 5% push cycle one

_:‘-e‘} ;

Figure 5-18 End condition of right hand plastic hinge zone showing loss of concrete
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Figure 5-19 End condition of left hand plastic hinge zone with loose concrete removed

Figure 5-20 Final condition of unit 1 with gauges removed for clarity
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5.2 Unit2B

% F, Push
As for the test of unit 1B, all gauges were checked to ensure they were working. The initial readings
for the steel rulers to be used as backup in case of power failure were 295 mm and 293 mm for the

left and right beams respectively.

In contrast to the test of unit 1B, the first cycle to % F, went entirely as planned. Flexural cracking of
the beams was noted, along with shear cracks in the joint region. One crack formed adjacent to the
joint zone on the tension sides of the top and bottom columns. The residual width of these cracks
when the load was removed was approximately 0 mm, indicating the whole test unit had remained

within its elastic strength range as planned.

% F, Pull

More cracks formed during the pull half-cycle than in the previous push half-cycle. Three shear
cracks formed in the joint region, the largest of which (running diagonally from corner to corner of the
joint) measured 0.1 mm in width. The pattern of flexural cracking of the beams occurred as was
expected, with crack widths of approximately 0.05 mm. Aside from the aforementioned cracks
adjacent to the joint region, the columns were still essentially undamaged. The condition of the unit at

the end of the elastic half-cycles is shown in Figure 5-21.

Figure 5-21 Unit 2B after completion of elastic half-cycles
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The displacements reached at the end of the 3 F, half-cycles, and the estimated yield displacements
are presented in Table 5-1. The estimated yield displacement of a beam tip, A, was calculated as

follows:

ASMF 'Fn
A =—""" .19
. F eq

3/4F,

where Agur, is the displacement at the peak of the 34 F, half-cycle, F, is the actuator force required
develop the nominal moment capacity of the beam, and F4, is the force at the peak of the 34 F,, half-
cycle. The estimated yield drift was calculated from the estimated yield displacement by summing the
estimated yield displacement of the left and right beam tips and dividing by the width between the
beam tips (~4900 mm)

Table 5-1 Estimation of unit 2B yield displacement from 3% F, half-cycles

Cycle Beam Asiurn | Faurn Fn Ay
(mm) (kN) (kN) (mm)
Positive Left 17.26 118.2 161.5 23.63
Right 18.70 117.5 159.9 25.56
Negative Left -16.53 | -119.3 161.5 22.39
Right -19.47 | -124.1 159.9 25.08

The estimated yield drift calculated from these values was 1%. Based on this information, it was
decided to continue with the loading cycle as planned (see Figure 4-4).

2% push |

Extensive shear and flexural cracking occurred in both beams during this cycle. Splitting cracks were
also noted in the right hand beam, probably due to the thin cover concrete provided. More shear
cracking occurred in the joint zone (see Figure 5-22), and minor flexural cracking occurred in the
column. The main cracks at the beam-joint interface opened to approximately 2-3 mm. Very minor

concrete crushing was seen.

2% Pull |

This cycle was similar to the preceding push half-cycle. Splitting was seen in the left beam, and small
splitting cracks occurred on the face of each column. Shear cracking extended along the length of
both beams, and it was apparent that plastic hinges had formed in both beams. Less compression

damage was visible than for the first half-cycle to 2% drift.

During this half-cycle the left hand jack froze. The problem was solved without affecting the test, and
remedial measures were taken at the end of the cycle to enable better control of the right jack, which
seemed to be running ahead of the left jack (in contrast to the testing of unit 1B).



2% Push 1l

As expected very little new damage was noted during this half-cycle. No new damage occurred in the
joint zone, and little new shear cracking of the beams was visible. Cracks in the plastic hinge zones
opened to 1.2 mm, while the shear cracks in the joint region measured approximately 0.5 mm.

Figure 5-22 Joint shear cracking at conclusion of first half-cycle to 2% drift

No loss of stiffness was evident indicating that longitudinal reinforcement slip was not occurring. The
left beam remained stronger than the right beam throughout the first three inelastic half-cycles.

2% Pull I

The stiffness of the unit was lower than during the first pull half-cycle to 2%, but the magnitude of the
ultimate load that was developed was similar. There was no significant cracking during this cycle, and
no sign of slippage of the longitudinal reinforcement. The cover concrete in the plastic hinge zones
appeared to be breaking up during this cycle. The condition of the unit at after the final 2% drift half-
cycle can be seen in Figure 5-23.

3% Push |

Again, few new cracks were noted, and most damage was confined to the plastic hinge zones. The
concrete of the left hand plastic hinge was breaking into distinct blocks, while the right hand hinge
seemed to maintain cohesion more (see Figure 5-24 and Figure 5-25). The cracks at the column face

opened to approximately 5 mm.
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Figure 5-23 Condition of unit 2B after final 2% drift cycle

Figure 5-24 Right hand plastic hinge zone after first half-cycle to 3% drift
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Figure 5-25 Left hand plastic hinge zone after first half-cycle to 3% drift

3% Pull |

Small extensions were seen on several shear cracks along the right hand beam, and the right hand
plastic hinge zone began showing signs of breaking into blocks, as the left hand beam had done in
the previous half-cycle. A long crack of 4 mm width opened up in the left hand plastic hinge zone.
The largest cracks in the right hand hinge were 2 mm wide. The cracks in the joint zone remained
limited to 0.5 mm width.

The cover concrete over the first stirrup in the right hand plastic hinge was found to be loose. When
measured, it was found to be approximately 8 mm thick, slightly less than the designed value. The
hysteresis loops produced by the data logging software indicated a large quantity of energy
absorption still occurring, and no sign of bar slip.

3% Push I

The first signs of significant concrete crushing were noted during this cycle. Shear cracks in the right
hand beam extended, and both plastic hinge zones were extensively cracked at this stage. For the
first time during the test new cracks were found on the compression edge of the beams, a further
indication that concrete crushing was occurring (see Figure 5-26). In contrast to the advanced stage
of damage to the beams, the joint and columns still showed no signs of further damage.
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Figure 5-26 Right hand plastic hinge zone at end of second 3% drift half-cycle, showing signs
of concrete crushing

After the load was released the residual crack widths on various parts of the unit were noted. It was
found that those in the beams remained open 2 mm, with a 3 mm residual width at the beam-joint
interface. The cracks in the joint remained open approximately 0.1 mm, while those in the column
closed completely.

3% Pull ll
The unit followed a similar pattern of damage as for the last few half-cycles, with damage
concentrated in the plastic hinge zones.

4% Push |

Concrete fell from the underside of the unit during this cycle, leaving stirrups exposed in the plastic
hinge zones. The pattern of cracking shown in Figure 5-27 probably indicated that the top reinforcing
bars in the beams were on the verge of slipping.

4% Pull |

Several small areas of concrete buckled out of the face of the left-hand plastic hinge during this half-
cycle, although few new cracks formed in this cycle. From the appearance of the unit it seemed that
all cracks that could form had formed by this stage.
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4% Push Il
As expected, the right hand beam began to twist torsionally during this cycle. The left beam did not
twist, but it appeared that the shear deformation in the plastic hinge zone was considerable. Large
quantities of cover concrete were dislodged from both beams.

Figure 5-27 Crack pattern indicating imminent reinforcement slip

During this load cycle the peak loads of both beams were lower than during the first push half-cycle to
4%. This was the first instance during the test where strength decreased.

4% Pull ll
This cycle marked the first occasion where unit 2B failed, i.e. did not achieve 80% of the peak load
sustained in previous pull cycles. The right beam was severely twisted during this cycle, but the left
beam still did not twist. Both plastic hinge zones lost large quantities of concrete, including some core
concrete.

Despite the unit having technically reached failure during this cycle it was decided to continue testing
until it was not possible to displace the beams further. The condition after the first failure of the unit is

shown in Figure 5-28.

5% Push |

Both beams twisted to a large degree during this cycle (approximately 10 degrees, see Figure 5-29),
meaning that obtaining meaningful displacements at the load points became difficult. In addition,
gauges in the plastic hinge zone were removed to prevent damage to them.
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The strength of the unit was significantly less than during previous cycles. The core concrete was
visibly fractured, and virtually all cover concrete had fallen from the plastic hinge zones at the end of

this half-cycle.

5% Pull |

The right beam twisted again during this half-cycle, while the left translated in a shear type movement
(see Figure 5-30). This was caused by the virtual absence of cohesive concrete in the left hand
plastic hinge zone, allowing formation of a shear hinge. It was decided that further cycling of the unit

would not provide any meaningful information, and the test was halted.

After completion of the testing the gauges were removed from the unit, providing a clearer view of the

final condition of the unit. This is shown in Figure 5-31 and Figure 5-32.

Figure 5-28 Condition of unit 2B after failure during 4th half-cycle to 4% drift
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Figure 5-30 Large shear deformation of left hand plastic hinge zone during second half-cycle

to 5% drift
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Figure 5-32 Condition of unit at completion of testing (from right hand side)
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5.3 Unit3B

Pre-test observations
As mentioned in section 4.3, a computer controlled hydraulic system was developed at the University
of Auckland. This system was developed to replace the existing, manually controlled, system. The
testing of unit 3B represented the first time the new system had been used to control a test with two
independent actuators.

Set-up of the new system was similar to the old system. Movement of the beam-column unit relative
to the floor was prevented by loading the single acting jacks at the column ends to approximately
62 kN each. The rulers mounted over the reversing actuators at the beam ends were checked, and

initial readings of 276 mm and 310 mm were noted for the left and right beams respectively.

The initial condition of the unit was checked, and it was noted that there were a number of cracks
present on the faces of the beams, presumably from forces induced when manoeuvring the unit into
the restraints. These cracks were marked in pink. Finally, all gauges were tested to ensure the

readings they gave were realistic.

0.4% Push

As expected there was very little change in the condition of the unit at this stage. Minor flexural
cracks in the beams and at the joint edges were the only noticeable damage. It was found that two
gauges were not reading accurately, and these were swapped.

0.4% Pull
The pattern of cracking during this cycle was effectively identical to that in the previous half-cycle. No
damage to the column was observed, and there was no sign of yielding.

0.8% Push i

Due to the new control system being used for the first time it was decided to conduct a further elastic
half-cycle in each direction. During this cycle the displacement of the previous cycle was doubled to
0.8% dirift.

The flexural cracking in the beams extended further towards the actuators as the load increased
during this half-cycle. Shear cracks also formed in the beams and in the joint region. In addition,
minor flexural cracks formed in the columns. None of the cracks in the concrete exceeded 0.2 mm.
This indicated that no inelastic deformation had occurred at this stage.

0.8% Pull i

More shear and flexural cracking occurred in the beams of the unit. Shear cracking of the joint and
flexural cracking of the column also continued to occur. Despite a lack of evidence of inelastic
displacement, cracks indicative of the initial stages of bond failure formed around the bottom beam
reinforcing bars where they passed through the joint.



Between the peaks of this and the previous cycle problems occurred with the left-hand actuator. The
problem seemed to prevent the actuator from reaching the targeted displacement.

0.8% Push ii
Due to the problems experienced with the left-hand actuator during the previous cycle it was decided
that a second pair of half-cycles to 0.8% drift would be conducted to try and determine the cause of

the problem.

During this half-cycle the problem of an actuator not achieving the required displacement occurred in
the other (right-hand) actuator.

Some crack extension occurred in the left-hand beam, and there was more shear cracking outside the
potential plastic hinge region (in the region with greater stirrup spacing). There was almost no change
in the condition of the right-hand beam. This matched expectations, since the displacement reached

was less than during the previous half-cycle.

0.8% Pull ii
The displacement control problem again transferred from one side to the other, now occurring with the
left-hand actuator. There was in general very little new cracking, the exception being the formation of

two new cracks in the joint region.

Following this half-cycle the left-hand actuator was uncoupled from the test unit. Experimentation
revealed that there was no physical reason why either actuator could not reach the programmed
displacements. Despite the left-hand actuator not achieving 20 mm displacement when required
during this half-cycle, it was found that the actuator would extend beyond 20 mm if 25 mm
displacement was entered into the controlling computer. The actuator would not however extend to
the full 25 mm required in this case. The only explanation found was that the control system did not
appear to be releasing the pressure in the return line of the actuator. This valve was tested and found
to be functional. It was therefore decided to remove the new control system and conduct the
remainder of the test with the old manually controlled system.

1% Push i

Due to ongoing problems during the previous half-cycles, the fluctuations these caused in the data
readings and the fact that the unit had still not been subjected to any inelastic displacement, it was
decided to re-zero all of the gauges and begin a new data file. Any significant errors this introduced
could be removed by comparing and altering the data to match the readings immediately prior to re-
zeroing the gauges. In addition, all gauges were rechecked and several were changed.

Significant new shear cracking of the beams occurred during this half-cycle. The shear cracks now
extended across approximately 80% of the depth of the beam. No cracking yet existed close to the
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loading points at the ends of the beams. There was also more flexural cracking of the columns and
new shear cracks in the joint region. The position and orientation of some of these joint cracks
supported the view that the bottom beam bar might slip at an early stage.

1% Pull i

This half-cycle resulted in similar extension of shear cracks to the previous half-cycle, although there
was less new cracking in the joint zone. This was a result of more cracks having formed in the joint
zone during previous half-cycles in this direction of loading. As expected, flexural cracking extended

further along the columns as the moment increased.

1% Push ii

Overall there was virtually no change in the condition of the unit. Some new cracks in the columns
occurred, but the state of the beams remained identical. As expected, the stiffness of the unit on
reloading was reduced somewhat.

1% Pull ii

Again there was little new crack formation. More new cracks formed in the left-hand beam than in the
right-hand one, but the displacement of the left beam was slightly larger. Shear cracks outside the
plastic hinge region of the left-hand beam opened to approximately 0.5 mm. At the conclusion of the
half-cycles to 1% drift the unit was clearly still within its elastic range.

2% Push i

This half-cycle caused a considerable increase in damage to the test unit. Shear cracks in the beams
extended significantly, and flexural cracking in the newly formed plastic hinges opened to
approximately 1.1 mm. The shear crack widths were not greater than 0.5 mm. A few small new
cracks occurred in the joint region, where crack widths were less than 0.3 mm.

2% Pull i

Some new cracking occurred in the joint region, and it was obvious that the unconfined cover
concrete in the plastic hinge zones was beginning to break apart. New and extended shear cracks
formed in the beams, while there were few new cracks in the columns. The new cracks nearest to the
column restraints appeared to be shear cracks rather than flexural cracks. One crack was found on
the compression edge of a plastic hinge zone.

2% Push ii
Aside from an increase in damage to the plastic hinge zones and a number of new cracks in the joint

and columns, this half-cycle was uneventful.

2% Pull ii
Again there was little new damage to the test unit. Some minor spalling of concrete occurred in the
left-hand plastic hinge region.

3% Push i
Almost all the new damage in this half-cycle was confined to the beams, and specifically the plastic

hinge regions. This indicated that the capacity design procedure used to design the unit was working
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as planned. By this stage the plastic hinge zones were heavily cracked in all directions, although
there was as yet no major spalling. Crack widths in the plastic hinge zones were up to 3 mm, while
those in the joint and columns remained less than 0.3 mm and 0.1 mm respectively.

3% Pull i
Again new damage was restricted to the plastic hinge zones. Some crushing of concrete occurred in
the right-hand plastic hinge. There was some crack extension in the joint region, most notably around

the top and bottom edges of the joints.

3% Pushii

Few new cracks occurred in the left-hand plastic hinge. The right-hand plastic hinge continued to
break up, but maintained strength. In addition, several new cracks formed on the compression side of
the right-hand beam. Shear cracks from the joint region had now extended well into the columns.

3% Pullii

This half-cycle brought the first significant signs of concrete spalling from the underside of the plastic
hinge regions. Due to the absence of uncracked concrete, no new cracks formed on the surfaces of
the plastic hinges.

During this and the previous half-cycle, cracks formed on the column face above and below the right-
hand beam (Figure 5-33). This was considered to be an indication that bond failure was beginning to

occur.

Figure 5-33 Cracks on column face during fourth half-cycle to 4% drift
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4% Push i

Again there was little new cracking during this cycle, despite the increased displacement involved. All
the new cracks that did occur were located in the plastic hinge regions, and there was increased
crushing of the cover concrete in these regions also. Crack widths increased significantly compared
to the cycles to 3% drift. In particular there was wide opening of splitting cracks in those areas of the
joint adjacent to reinforcement in tension.

Measurement of various cracks gave the following results:

Shear cracks in the beams 0.8 mm

Plastic hinge regions up to 4 mm

Crack at beam-joint interface 7 mm

Splitting cracks in the joint 1 mm

Joint shear cracks 0.4 mm
4% Pull i

Little new cracking was noted anywhere on the test unit. There was extension of some cracks in the
column, adjacent to the joint region. Readings from the gauges installed to measure reinforcement
slip indicated this may be happening, although strength and stiffness remained satisfactory.

4% Push ii
This half-cycle was the first in which strength loss occurred relative to the previous half-cycle for the
same direction of loading. Gauge readings again indicated that bar slip was occurring, and this was

supported by the continued extension of cracks around the joint region.

Cover concrete was now falling from the plastic hinge regions, and the only new cracking was that
visible on the compression sides of the plastic hinge regions.

4% Pull 1i

Bond failure had definitely occurred by the conclusion of this half-cycle. Large quantities of concrete
were pulled from the right-hand side of the joint by the top beam reinforcing bars as they slipped
(Figure 5-34). There was also similar but less severe damage to the left-hand side of the joint where
the lower reinforcing bars exited the joint.

This half-cycle brought a more significant (~20%, hence close to failure) strength reduction than the
previous cycle. There was no sign of the plastic hinge buckling that affected the testing of units 1B
and 2B at this stage of testing.

On release of the load a large amount of concrete fell from the unit.

5% Push i
No new cracking occurred during this cycle, although there was a large loss of concrete from the left-
hand side of the unit.
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5% Pull i
This half-cycle was not fully completed as the actuator on the right-hand beam reached the limit of its

stroke. The stiffness of the unit was approximately zero for a significant portion of the half-cycle,
clearly demonstrating that no bond existed between the beam reinforcement and the joint zone

concrete. Testing was concluded with this half-cycle.

e
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Figure 5-34 Concrete being pulled from the joint zone by slipping beam reinforcement, fourth
half-cycle to 4% drift
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5.4 Unit4B

Pre-test observations

Due to the problems encountered with the new computer controlled hydraulic system and the short
interval between testing of units 3B and 4B (restricting the time available to trouble shoot the new
system), it was decided to control the testing of unit 4B using the same manual control system as for

units 1B and 2B and the latter stages of unit 3B.

As for the preceding tests, all gauges were checked immediately prior to the commencement of
testing, and the single acting jacks at the column ends were loaded to approximately 60 kN to prevent
movement of the test unit.

0.5% Push i

This half-cycle, to approximately 40% of the estimated yield drift, caused flexural cracks along
approximately three quarters of the length of the beams. Splitting cracks formed at the edges of the
joint region where reinforcing bars in tension entered the joint region, and in addition a single shear

crack formed in the joint region.

0.5% Pull i
Compared to the initial half-cycle there was slightly more flexural cracking during this half-cycle. A
number of shear cracks formed in the joint region, and the first cracking of the column occurred in the

form of a single crack on each tension side.

0.5% Push ii
New crack formation was limited to a single crack in the top column, and a pair of flexural cracks in
the left-hand beam.

0.5% Pull ii
Again there was only limited new cracking during this half-cycle.

1% Push i

As expected, this half-cycle resulted in a significant increase in cracking all over the unit, but no sign
of yielding. The joint region was now cracked in many places, including a major diagonal tension
crack across the central area (Figure 5-35). Shear and flexural cracking extended over much of the
beams, and there was more flexural cracking in the columns as well.

1% Pull i

It was noticed during this half-cycle that the load sustained by both beams was higher than for the
previous half-cycle (in the other direction of loading). Significant shear cracking occurred at the end
of both beams, and there was more new damage in the joint region. Flexural cracks extended further
along both beams, and formed across the central half of the columns.
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1% Push ii
The load sustained in this half-cycle was unchanged from the first to 1% drift in this direction. There
was little new damage.

1% Pull ii
Only minor crack elongation occurred during this half-cycle.

WREE T, A T

Figure 5-35 Typical damage to joint region at low drift levels

2% Push i

The increased displacement (and hence force) of this half-cycle again brought significant new shear
cracking at the beam ends. Nearer the columns existing flexural cracks grew under increased shear
loads. In addition, new flexural cracks developed close to the column faces. Some new cracks
formed in the column, but the only new damage in the joint zone was a small extension of existing

cracks.

Even at this relatively early stage of testing there was evidence that the yielding of beam
reinforcement was penetrating into the column, approximately to the point where the beam and outer

column reinforcement crossed.

2% Pull i
Less cracking occurred during this half-cycle than during the previous one. This was probably due to
the smaller increase in maximum load measured in this direction than had been measured in the push
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direction of loading. Most of the new cracks formed at the beam ends. Several new cracks formed in

the joint region.

It appeared at this point that the concrete of the plastic hinge regions was breaking into distinct
“chunks” under the cyclic actions of the test.

2% Push ii

Several new cracks formed in the joint region during this half-cycle. It was also noticed that there was
an absence of cracking in the lower right hand corner of the joint (Figure 5-36). Splitting cracks
formed in the right-hand beam, but overall there was little new damage.

2% Pull ii

Few new cracks formed during this half-cycle. There was almost no change in the condition of the
joint region. Splitting cracks formed on the bottom side of the left-hand beam, corresponding to those
that formed in the right beam during the previous half-cycle. It was thought that these cracks
indicated that the cover concrete in this area was very thin.

Figure 5-36 Joint zone during third half-cycle to 2% - Note uncracked area (circled)

3% Push i
New cracking during this half-cycle was mostly restricted to the plastic hinge zones. In these areas
crack widths were up to 2 mm, and the main crack at the beam-column interface was approximately

4 mm wide. Cracks in the joint region were around 2 mm wide.
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The splitting cracks in the right hand beam that formed during the previous half-cycle in this direction
extended further along the beam in this half-cycle. Splitting also occurred on the top surface of the
left-hand beam for the first time.

3% Pull i
Extensive new cracking occurred in the right-hand plastic hinge region during this half-cycle. In
addition, the shear cracks in the joint zone now began extending into the adjacent areas of the

column.

3% Pushiii
New damage in this half-cycle was limited to a few crack extensions in the joint zone and a number of

minor new cracks in the plastic hinge zones.

3% Pull ii
Again, new damage was very minor. A pair of new cracks opened in the joint zone, and small new

cracks occurred in the plastic hinges.

4% Push i
During this half-cycle the splitting cracks around the entry point of the beam reinforcement to the joint
zone opened significantly. Minor spalling of concrete occurred in the plastic hinge regions, but few

new cracks formed.

4% Pull i

Few new cracks formed anywhere on the unit. A large piece of mortar fell from the left-hand plastic
hinge. This had been used to repair pre-test damage to the cover concrete in this area. As occurred
in the test of joint 3B, the beam reinforcement seemed to be pulling chunks of concrete from the joint

region during this cycle (Figure 5-37).

4% Push ii

This half-cycle resulted in the first noted strength reduction. This drop was less than 20% of the peak
strength, so testing was continued. Several new cracks formed in the plastic hinge regions,
increasing the “crazing” effect in this area. Concrete continued to pull off the edge of the joint region
as the beam reinforcement slipped through it. The gauges measuring reinforcement movement

indicated that slip was definitely occurring.

4% Pull ii

The strength drop noted during this half-cycle again measured less than 80% of the previous
maximum strength. Few new cracks formed, but there was significant breaking up of concrete in the
right hand plastic hinge zone. This and the large blocks of concrete now being moved by the slipping
beam reinforcement (see Figure 5-38) gave the impression that the test unit had reached the limits of
its performance.
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5% Push i

Failure occurred during this cycle, with strength clearly dropping by more than 20% of the peak.
Measured slip of the beam reinforcement was around 7 mm. Some spalling occurred in the right-
hand plastic hinge region, and much of the remaining concrete appeared loose and likely to fall during
further cyclic loading.

Figure 5-37 Evidence of concrete being pulled from the joint zone during second half-cycle to
4% drift

5% Pull i
The cover concrete on the top edge of both plastic hinge regions spalled completely during this cycle.

Large “cones” of concrete pulled from both sides of the joint as significant bar slip continued.

5% Push and pull ii

Concrete continued to spall during these two half-cycles, and the test unit failed to approach the
previous maximum loads sustained. Both cycles were completed, but failure was clearly evident prior
to the commencement of either half-cycle.
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Figure 5-38 Further damage to joint zone caused by bar slip - fourth half-cycle to 4% drift
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6 Analysis of Experimental Results

This chapter provides an analysis of the global performance of units 1B-4B, along with focussed
analysis of the performance of certain aspects of the test units. The results of testing units 1B-4B are
also compared to previous test results, particularly recent testing at the University of Auckland that
investigated bond failure in internal beam-column joints [1, 2].

6.1 Hysteretic Response

Figure 6-1 to Figure 6-4 show the hysteretic response of units 1B-4B, plotted as storey drift against
storey (column) shear force.

Also shown on Figure 6-1 to Figure 6-4 is the nominal storey shear of each unit (the storey shear that
would be developed when both the left and right beam reach their NZS 3101:1995 design strength,
based on measured material strengths, M,) and the predicted yield storey shear (the storey shear
developed when both beams simultaneously reach their expected yield strength, based on measured
material strengths, M,). For units 2B-4B there is little difference between these two values (2-4%
difference). However, for unit 1B there is an 8% difference between the two values. Due to the lower
concrete strength of unit 1B, the area of compressed concrete in the beams was deeper than for units
2-4B. This lead to the (significant quantity of) compression reinforcement experiencing a greater
strain, and thus contributing significantly to the strength of the section. Compression reinforcement is
typically ignored when calculating nominal strength of beams, and hence the actual yield strength of

unit 1B was underestimated by this calculation.
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Figure 6-1 Storey shear vs. storey drift, unit 1B
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Figure 6-3 Storey shear vs. storey drift, unit 3B

In assessing the performance of units 1B-4B it is important to recall the dimensions of the units.
Specifically, that units 1B&2B had nominally identical dimensions, as did units 3B&4B. The similarity
of behaviour exhibited by these matched pairs can be seen in Figure 6-5 showing the envelopes of
storey shear (plotted relative to the yield shear of each unit) against storey drift. It is seen that for
positive displacement, units 1B&2B follow similar envelopes, and that these show greater stiffness
than the envelopes for units 3B&4B, which also exhibit similar form. For negative displacement, the
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agreement is not so clear. Further discussion of the stiffness of units 1B-4B can be found in section

6.2.
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Figure 6-5 Envelopes of hysteretic response, units 1B-4B

The envelopes of negative displacement are less well defined than for positive loading in Figure 6-5

because they do not represent the maximum force sustained at a given drift. Instead, an attempt was

made to preserve information about what loads were reached the first time a drift level was reached.
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Figure 6-6 shows the maximum force developed for each drift level. It is seen that this smoothes
some of the differences seen in Figure 6-5, in particular improving correlation between the response
of units 1B&2B, since unit 1B had already undergone inelastic displacement prior to the first cycle of
negative displacement (see section 5.1). The downside to showing the maximum force at a drift level

is that this approach removes information on the initial stiffness of the units.
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Figure 6-6 Envelopes of maximum response, units 1B-4B

Not visible in the envelopes shown above is the increased pinching of the hysteretic loops of units
3B&4B compared to units 1B&2B (see Figure 6-1 to Figure 6-4). In the later cycles (those to 4% drift
or more), it is seen that the trace of the hysteretic curve on reloading is almost horizontal (i.e.
stiffness~0) in the case of units 3B&4B, whereas for units 1B&2B the units retained some stiffness at
low load levels until the conclusion of the tests. Zero stiffness at low load levels is characteristic of
interior beam-column joints that have experienced a complete anchorage failure [3].

It can be seen from Figure 6-1 to Figure 6-4 that all four units performed acceptably well up to 4%
drift, although the strength of two of the units (most obviously 2B) dropped by more than 20%
(technical failure) during the last (forth) half cycle to 4% drift. This is beyond the maximum drift level
allowed by New Zealand design standards. At 5% drift the strength of all units dropped considerably,
due to either bond failure (units 3B&4B) or buckling of the plastic hinge regions (units 1B&2B). More
discussion of the failure of units 1B-4B can be found in section 6.3.
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6.2 Stiffness of Beams and Columns

In order to evaluate the behaviour of structures it is necessary to determine elastic properties of the
component members of the structure (such as the effective moment of inertia (lg) and yield
displacement of the sections). For homogeneous materials such as steel this is straight forward, as
the properties do not change significantly over the life of the structure. However, for reinforced
concrete sections the determination of these properties is significantly more complicated due to the
variable nature and non-isotropic properties of the material, and hence the need to assess the level of
cracking in the section at the time the properties are expected to be important.

Comparison of Yield Drift with Predicted Value
Priestley [50] has suggested that the yield storey drift of reinforced concrete moment resisting frames
can be predicted as:
l
6, =0.5¢, = eq. 20
where 0, is the yield storey drift of the frame, g, is the yield strain of the beam reinforcement
(=fy/Eseel), I is the length of the beam between column centres, and h, is the beam depth. For units

1B-4B, h, was 500 mm, giving predicted yield displacements as shown in Table 6-1.
Table 6-1 Actual and predicted yield drifts, units 1B-4B

Unit fy Ip 6, predicted | 8, experimental | 0y ¢xp/0y pre 6y (Lin)
(MPa) (mm)
1B 552 4892 0.0135 0.0132 0.978 0.0170
2B 552 4905 0.0135 0.0122 0.901 0.0171
3B 537 4877 0.0131 0.0145 1.107 0.0165
4B 537 4892 0.0131 0.0143 1.092 0.0166
Average 1.020
S.D. 0.085

It is seen in Table 6-1 that the yield drifts predicted by eq. 26 are in good agreement with the yield
drifts that occurred during testing. Both the average value and standard deviation (S.D.) of 6exp/6pre
indicate better agreement between experimental and predicted values than was obtained from the
calibration of eq. 20. The differences between actual and predicted values are due to the
assumptions made by Priestley [50], including the proportions of yield displacement attributable to
different types of deformation. The proportion of displacement due to shear and flexural deformation

is discussed in section 6.5.

Lin [58] suggested a method to include the influence of axial load in eq. 20. Using this modified
equation resulted in significantly poorer prediction of yield drift. These values are listed in the last
column of Table 6-1.
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Effect of Frame Flexibility on the Design Process

In the New Zealand earthquake loading standard [10] the maximum allowable inter-storey drift under
any circumstances is 2.5%. In many cases this is reduced to between 1.5% and 2.0%. Similar limits
exist in the replacement for the current loading standard [59] and in several overseas loadings codes
[60-62]. Given the high drifts at yield displayed by these beam-column joint units it is readily apparent
that for structures where these form the primary lateral force resisting system the maximum
appropriate displacement ductility would be approximately p =2, and that in some situations the
designer would be obligated to design the building as a nominally ductile (p = 1.25) structure. Using a
reduced displacement ductility in the design of a building implies that the structure will attract greater
forces during a seismic event. It is therefore necessary to increase the strength of the structure,
which will require the use of more reinforcement, thus further worsening the congestion resulting from
the use of grade 500E beam longitudinal reinforcement in moment resisting frames that was
discussed in section 3.3. This restriction on structural ductility caused by utilising high strength
reinforcement in yielding components of structures has been discussed previously [50-52], but its

significant effect on the design process warrants repeat mention.

6.3 Drift and Displacement Ductility at Failure

Causes and Characteristics of Failures

Units 1B-4B were designed using the capacity design procedure required by New Zealand design
standards [4, 10]. It was therefore expected that the mode of failure could be predicted accurately for
all units. It was theoretically impossible for shear failures to occur, or for flexural failure of the column
to occur, since the test units’ capacity with respect to these failure types exceeded the actions that
could be generated in the units by their “fuse” failure type.

Capacity design typically requires this “fuse” failure to be the flexural capacity of the beams of
moment resisting frames. For units 1B-4B it was expected that the bond of the beam reinforcement
would fail before the flexural capacity of the beams was reached, since the units did not provide the

column depths required by the New Zealand concrete design standard [4].

As was mentioned in section 6.1 bond failure did not occur in units 1B&2B. For these two units the
cause of failure was buckling of the beam longitudinal reinforcement in the plastic hinge zones,
resulting in both beams twisting. This occurred during cycles to 5% drift. Bond failure did occur in
units 3B&4B, and was noticeable in the hysteretic response of the units during cycles to 5% drift.

Figure 6-7 shows the proportion of strength maintained between successive cycles beyond 4.0% drift
in the same direction of loading. The cycles to 4.0% drift marked the point at which the strength of the
test units began to decrease — prior to this the strength of the units increased with each cycle. It has
been typical in New Zealand to define failure to have occurred during a cycle if it is the first cycle in
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which the force sustained is less than 80% of the maximum force previously sustained in that
direction [57].
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Figure 6-7 Proportion of previous strength attained in successive cycles

It is evident from Figure 6-7 that unit 1B failed during the first cycle to 5% drift in the positive direction,
unit 2B failed during the second cycle to 4% drift in the negative direction, and that units 3B&4B were
on the limit of failure during the second cycle to 4% drift (negative direction), but can realistically be
said not to have failed until the first cycle to 5% drift (positive direction).

It can also be observed from Figure 6-7 that the failures of units 1B&2B was much more severe than
those of units 3B&4B. While the strength of units 3B&4B dropped at a rate of approximately 10% per
half-cycle, units 1B&2B both showed sudden strength drops of approximately 50% in one half cycle.
This can be attributed to the sudden nature of the buckling failure they experienced compared to the
gradual increase of bond slip that occurred in units 3B&4B. Translated to the performance of an
entire structure, the sudden failure of units 1B&2B would most likely have more negative impact than
the (relatively sustainable) bond failure of units 3B&4B.

Maximum Achieved Displacement Ductility

In section 6.2 it was shown that the inter-storey drift of units 1B-4B at yield was between 1.2 and 1.45.
Table 6-2 shows the displacement ductility of units 1B-4B at failure. It is important to note that,
following the logic of section 6.2, these values are not representative of realistic design values and
are presented for interest only.
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Table 6-2 Displacement ductility of units 1B-4B

Unit Yield Drift Failure Drift | Displacement Ductility
1B 0.0132 0.05 3.79

2B 0.0122 0.04 3.28

3B 0.0145 0.05 3.45

4B 0.0143 0.05 3.50

6.4 Bond Performance

As has been mentioned previously, bond failure occurred in only two of the four beam-column joint
units tested. In order to assess the bond performance of the four test units, gauges were installed in
the joint region specifically to measure the slip of the beam longitudinal reinforcement as testing
progressed (see section A.5). The readings from these gauges for units 1B-4B are shown in Figure
6-8. Note that there are two different vertical scales in Figure 6-8, one for units 1B&2B and one for
units 3B&4B, and that the vertical scales shown at the left apply for both graphs running across the

page.
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Figure 6-8 Beam reinforcement slip, units 1B-4B

The most important aspect of Figure 6-8 is that bar slip was limited at drift levels allowable in design
(up to approximately 3.0%). Taking into account the different vertical scales, it is clear that both the
top and bottom beam reinforcement of units 3B&4B slipped considerably more at later stages of
testing than that in units 1B&2B. In particular, the reinforcement of unit 2B stayed almost static within
the joint throughout testing. This can be explained by unit 2B having a considerably higher concrete
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strength than unit 1B (f'; = 40.6 MPa compared to 31.2 MPa). The better bond performance of units
1B&2B compared to units 3B&4B and units previously tested at the University of Auckland [1, 2],
which experience bond failure at drift levels of 1.6 to 4.0% (see Table 6-3), was less predictable.

Table 6-3 compares the column depths used for units 1B-4B (and other beam-column joint units
tested recently at the University of Auckland) with those required by NZS 3101:1995 amendment 3
[4]. Note that the values for units 1B-4B are different than the design values presented in Table 4-1.
This is because the values below are calculated using measured material properties, rather than
specified properties. Accordingly, a, (reinforcement overstrength factor) is taken as 1.15 only, since
only strain hardening needs to be accounted for (not variability of material strength as is the case in a
design situation. Additionally, F (the factor introduced in amendment 3) is taken as 0.7 below, rather
than the draft value of 0.8 used in Table 4-1. All other a factors are as for Table 4-1.

Table 6-3 Comparison of sub-assembly column depths to NZS3101:1995 requirements

Bond failure
Unit dy fy f'e F | o Pereq. | Pcused | Neusea/Ne req. drift
(mm) | (MPa) | (MPa) (mm) (mm) (%)
1B 25 552 312 | 0.7 | 1.15 1049 800 0.76 -
2B 25 552 406 | 0.7 | 1.15 919 800 0.87 -
3B 25 537 | 448 | 0.7 | 1.15 851 675 0.79 4.0
4B 25 537 428 | 0.7 | 1.15 871 675 0.78 4.0
Young 1 16 519 492 | 0.7 | 1.15 502 520 1.03 4.0
Amso 1 16 588 293 | 0.7 | 1.15 738 520 0.70 1.6
Amso 2 16 588 404 | 0.7 | 1.15 628 520 0.83 25
Amso 3 16 588 409 | 0.7 | 1.15 624 520 0.83 4.0

Taking into account the relative lack of bar slip in units 1B-4B at drift levels that have relevance to
“real-world” building performance (see Figure 6-8), and the fact that none of the four units met current
New Zealand design requirements (see Table 6-3), it seems that these design requirements are
slightly conservative. This is desirable, and the continued use of these design guidelines is
recommended.

Looking at the performance of the units in more detail reveals some discrepancies. Due to the
relatively high concrete strength and large column size used it would be expected that unit 2B would
perform the best (as was the case). However, units 1B, 3B and 4B were expected to perform similarly
based on the proportion of required column depth provided. It also appears that units 1B&2B
performed better than would be expected, since both had columns of significantly smaller depth than
required.
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It seems there are two probable causes for units 1B&2B performing beyond expected levels. Both
units were initially designed with grade 300 column reinforcement. However, the 20 mm
reinforcement delivered for the columns was grade 500 reinforcement. This lead to the columns
having significantly greater flexural strength and vertical shear reinforcement than required. This is
shown in Table 6-4. Regrettably no spare 20 mm reinforcement was delivered, so it was not possible
to test the actual reinforcement strength. Based on tests for other grade 500 reinforcement, the yield
strength of the 20 mm bar has been estimated as 560 MPa in the calculations below. For units
3B&4B the measured reinforcement strength of 584 MPa was used.

Table 6-4 Comparison of required and actual column moment and vertical joint shear
reinforcement capacities

Unit Mool g Meor Mco/Mcorreq | Vivreq Viv ViViv req
(kNm) | (kNm) (kN) &N)

1B 410.4 840.9 2.05 5790 | 9425 1.63

2B 425.4 860.7 2.02 4415 | 9425 2.13

3B 406.1 4926 121 5338 | 704.3 132

4B 404.2 491.0 1.21 5565 | 704.3 1.27
Youngi1 | 269.7 326.4 1.21 4437 | 6259 1.41
Amso 1 1775 195.6 1.10 284.0 226 0.80
Amso2 | 328.0 379.0 1.16 7685 | 7165 0.93
Amso3 | 180.7 198.0 1.10 284.0 226 0.80

For units 1B&2B the large excesses of column moment and vertical joint shear capacities seen in
Table 6-4 resulted in reduced cracking of the concrete around the beam reinforcement where it
passed through the joint zone. Hence both probably improved the bond performance of the test units.
It is not possible to identify the proportion to which these two effects influenced the resuits of these
tests since the column moment- and vertical joint shear capacity are so closely linked. This linkage
occurs because NZS 3101:1995 allows interior column longitudinal reinforcement to be included in
the effective area of vertical joint shear reinforcement. )Due to the large column depths and the
maximum allowed spacing of column longitudinal reinforcement (<200 mm c¢/c) no additional vertical
joint shear reinforcement was required for units 1B-4B. It would be prudent in any further series of
beam-column joint tests to decouple the vertical joint shear capacity from the column moment
capacity. This could be achieved by the use of different sizes and grades of reinforcement for the end
and intermediate column bars. It is noted that for units 1B&2B the excess moment capacity of the
columns was approximately that required by NZS 3101:1995 if dynamic amplification factors are
taken into account [63, 64] and to values recently recommended by overseas researchers [65].

The effect of vertical joint shear reinforcement on bond performance
An attempt has been made to determine the effect of vertical joint shear reinforcement on bond failure
in interior beam-column joints. Many of the test units included in a database assembled by Fenwick

84



and Megget [3] have been re-analysed to determine how the quantity of joint shear reinforcement
compared to that required by NZS 3101:1995 [4]. Figure 6-9 and Figure 6-10 are plots showing the
ratio of column depth used to column depth required by NZS 3101 (including amendment 3) versus
respectively the ratio of horizontal and vertical joint shear reinforcement provided to that required for
those units analysed [1, 2, 58, 66-75].

The specifications of the units described in the aforementioned references were put into a
spreadsheet developed to analyse how closely beam-column joints met the requirements of the New
Zealand concrete design standard [4]. Parameters included were the gross dimensions of the unit,
quantity and strength of beam and column longitudinal reinforcement, and joint shear reinforcement.
Units found to contain less than three fourths of the horizontal shear reinforcement required by the
New Zealand concrete design standard were discarded as it was felt that joint shear failure would be
likely to govern the response of the units. The database analysed includes approximately 40 beam-

column joint tests.

It appears from Figure 6-9 that the quantity of horizontal joint shear reinforcement present in a joint
does not affect the occurrence of bond failure (disregarding the fact that if too little joint shear
reinforcement was present then a bond failure would not occur before joint shear failure occurs).
Looking at Figure 6-10, it appears possible there is a link between the quantity of vertical joint shear
reinforcement provided and the minimum column depth required to prevent bond failure. The dashed
line in Figure 6-10 represents a possible divide between joints in which bond failure is or is not likely.
While there is currently insufficient evidence to recommend design guidelines based on Figure 6-10,
the dashed line discussed could be used to determine desirable column reinforcement levels for
future beam-column joint tests. A more detailed assessment of the influence of vertical joint shear
reinforcement and column moment capacity could improve understanding of when bond failure is

likely to occur in interior beam column joints.

6.5 Components of Displacement

The force-displacement curves shown in section 6.1 provide a useful summary of the behaviour of the
four beam-column joints tests described in this report. It is also interesting to decompose the total
displacements into their component parts. For interior beam-column joints, the important components
are beam and column flexure and shear displacements, and joint shear displacements. These
components are calculated from the readings of the gauges shown in Figure 4-2 using methods
described in Appendix A.

Figure 6-11 to Figure 6-14 show the components of displacement for units 1B-4B at the peaks of

different loading steps. Positive loading cycles are plotted above the horizontal axis and negative
loading peaks below the horizontal axis. The heavy dashed line in each plot represents the corrected
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turn potentiometer readings (see section A.3 for details of correction factors), to which the combined
total of beam and column shear and flexure and joint shear displacements should be compared.
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Figure 6-9 Effect of horizontal joint shear reinforcement on bond strength
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It can be seen that the agreement between the turn potentiometer readings and the sum of the
displacement components is good for most of the beams. In general the error between the two
values is less than 10% (see Figure 6-15), the two exceptions being the right beams of units 3B&4B.
The readings for all beams are questionable during the later cycles, particularly those to 5% drift. At
this stage of testing significant buckling of the beam longitudinal reinforcement in the plastic hinge
zone began to take place, and the portal gauges were at the limits of their linear measurement
capabilities.

== Boam Flanxre Left Beam —-= Boam Flaxuee Right Beam

MaFn 1.50% 200% 200% 3.00% 100% 4.00% A4.00% 500% V4 Fn 1.50% Z200% 200% 3.00% 3.00% 4.00% 400 500%
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Figure 6-13 Components of displacement for left- and right-hand beams, unit 3B
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As was evident in several earlier graphs, there are obvious similarities between the units with identical
geometry — units 1B&2B and units 3B&4B. Unsurprisingly the components of displacement due to
beam deformations are more significant for units 1B&2B (with larger, stiffer columns) — beam flexural
displacement accounts for approximately 70% of the total displacement of units 1B&2B, but only 60%
of the total displacement of units 3B&4B, clearly dominating the response of all units. For all four
units the proportion of displacement attributable to beam flexure stayed approximately constant
throughout testing, while displacement due to beam shear increased. This is particularly noticeable
for units 1B&2B, while the beam shear displacements in units 3B&4B increased more gradually at
first, and then remained roughly constant for the later cycles.

For all units column shear displacement was insignificant, never exceeding half a percent of the total
displacement, and hence is not shown in Figure 6-11 to Figure 6-15. As testing proceeded the
proportions of both column flexure and joint shear displacements dropped. This was expected since
the response of these elements was designed to remain elastic, and hence deformation was
proportional to force, which remained similar after plastic hinges formed in the beams.
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7 Conclusions

Four beam-column joint sub-assemblies were built and tested between October 2003 and

August 2004. The four units were designed in accordance with the New Zealand Concrete

Design Standard [4], and were of similar dimensions to units previously tested at the

University of Auckland [1, 2].

Previous testing at the University of Auckland had shown that existing design rules did not

specify adequate column depths to prevent bond failure of grade 500E longitudinal beam

reinforcement passing through interior beam-column joints. The aim of the four tests

described in this report was to provide information on the bond performance of large diameter

grade 500E reinforcement.

The performance of the joints was satisfactory at drift levels corresponding to New Zealand

design limits, indicating that current New Zealand design rules are slightly conservative. This

is desirable, and the continued use of these design rules is recommended.

Bond failure occurred in only two of four joints tested. This was despite:

- All four units being cycled to drift levels that significantly exceeded New Zealand and
overseas drift limits.

- None of the four test units having column sizes equal to those specified by current New
Zealand design requirements.

It is thought that the better than expected bond strength developed by units 1B&2B was

caused by the large quantity of column reinforcement included in these units. This

reinforcement gave the columns a large excess of moment and vertical joint shear capacity

over that required, which would have reduced damage to the joint zone concrete as testing

progressed and thus improved bond conditions.

A study of previous beam-column joint tests has examined how the quantity of horizontal and

vertical joint shear reinforcement affects bond performance of interior beam-column joints.

The study suggests that large quantities of vertical joint shear reinforcement improves joint

zone bond characteristics. No relationship was evident between bond performance and

horizontal joint shear reinforcement. The database of test results analysed provides

insufficient evidence to base design recommendations on.

Where a moment resisting frame is the primary lateral force resisting system in a structure,

the use of grade 500E beam flexural reinforcement is not currently a sensible design option

due to:

- The large number of reinforcing bars required compared to grade 300E reinforcement,

- The high interstorey drift levels that can be expected at first yield, and the resulting low
ductility levels that can be used in design.

It is therefore recommended that designers not use grade 500E longitudinal reinforcement in

the beams of moment resisting frames.
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Appendix A Converting Portal Gauge Readings into
Components of Displacement

A.1 Details of Instrumentation

The four beam-column joint test units described in this report were extensively instrumented with load
cells, turn potentiometer gauges and portal gauges. This appendix outlines how the readings from
the portal gauge transducers were converted into measures of shear and flexural deformation, how
reinforcement slip in the joint region was measured and how correction factors were calculated to

account for translation and rotation of the test unit within the column mounting brackets.
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1 4 1.
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H Ib Joint Gauge Block 7 e
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Figure A-1 Detailed layout of portal gauge transducers showing numbering scheme

Figure A-1 shows in more detail the gauge layout used (compared to Figure 4-2 seen previously). As
can be seen, the gauges were placed in a grid type pattern, and each block of five gauges was
assigned an alphabetical label from A through L, with the joint region labelled as group JT and
containing eight gauges.

Within each gauge group the gauges were numbered from one through to five (or eight in the case of
the joint region). Gauge one in any beam or column gauge group ran across the outside of the group,
gauges two and three formed the outside edges of the group and gauges four and five were the
diagonal gauges.

Additional gauges worth noting are those marked at the column top and bottom in Figure A-1. These
gauges spanned between the test unit and the column restraints, and thus gave measurements

indicating how the unit was moving relative to the (fixed) restraints.
91



The length between the mounting points of all gauges was measured to enable displacement
measurements to be converted into strain measurements. The widths and height of each gauge
group was defined as w, and h, respectively, where x is the gauge group letter. A number of
additional measurements were made. Those marked P through to S in Figure A-1 were measured
from the outside of the most outward gauge group on the respective beam or column to the midpoint
of either the actuator (beams, P & Q) or the restraint frames (columns, R & S).

A.2 Calculating Shear and Flexural Displacement Components

For all displacement calculations described below it is assumed that changes in angle are small.

Joint Shear

In considering the deflection of the beam tips due to joint shear, several components must be
considered. In Figure A-2 it can be seen that joint deformations caused by both horizontal and
vertical shear forces affect the displacement of the beam and column tips. It is important to note that
the translational and rotational effects occur in opposition — for instance the beam rotation is upwards
in Figure A-2 and the beam translation is downwards. This occurs as a result of the internal forces

seen in Figure 2-2.

Vertical Shear Horizontal Shear
Beam translates and column rotates Beam rotates and column translates

Figure A-2 Effects of horizontal and vertical joint shear

It is evident from Figure A-3 a) that if the beam-column joint was fixed only at the centroid of the joint
region then both the beam and column tips would deflect from their original position. During the
beam-column joint tests described in this report the column tips were prevented from displacing.
Since the deformation of the joint zone remains the same the displacement that would have occurred
at the column tips is shifted (by rigid body rotation) to the beam tips. This is illustrated in Figure
A-3b). If 8., is a column tip displacement that is prevented from occurring, the induced displacement
at a beam tip is:
Opean = Ocot - eq. 21
lc‘
where |, and |, are as defined in Figure A-1. This conversion is used in this section and also in the

following sections on column shear and flexural displacements.
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a) Column ends free
to translate

b) Column ends
pinned in restraints

Figure A-3 Load point deflections resulting from joint shear deformation

In order to simplify the calculation of beam tip displacements due to joint shear deformation, it is
assumed that the angles marked a in Figure A-4 are equal, and that h’ and w' are equal to the original
joint gauge block dimensions h; and w;.

A
‘ pS

i Y , (2
20,

o g
P

wl
Figure A-4 Shear deformation of joint zone gauge group

Based on the geometry in Figure A-4, it can be seen that:

5,-8,\ Wom (6,8
Al=cosa[ 32 ?]= i ( 32 7) (@)

A =sina[5“—57}=hf"i“‘ (53_57] (b)
. 2 L 2

where 3; and &g are the gauge readings for the joint zone diagonal gauges. It is also true that for

eq. 22

small angles:
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YR Lhy\ 2 2L.tanax @)

eq. 23

W Lw,( 2 B

where y; and y, are the horizontal and vertical shear deformations respectively.

Referring to Figure A-2 and recalling the opposite signs of rotational and translational member

displacement, the displacement of each beam (left or right) or column (top or bottom) tip is:

hY _ h
5beam . :Vl[fb _?J_ g 7 (a)
eq. 24
L —-h h
B = Yo| =2 |- (6)
column yl[ 2 J y] 2

where h, and h,, are the depth of the column and beam respectively, |, is the length from the column
centreline to the beam tip and |, is the height between column restraints. Converting the two column
tip displacements (top and bottom) to beam tip displacements and then summing gives the total (left
or right) beam tip displacement, A;s

'
gbeam (5.101.-'0;: + 5.:0! bottom )f_

c

- y{l __) Ll =h)-rhlz

c

eq. 25

Beam and Column Flexural Displacements

Flexural displacements are approximated by calculating the angle of rotation between the inner and
outer edge of a gauge group and multiplying this angle by the distance from the centre of the gauge
group and the centre of the actuator or column restraint.

\\ ,J -
| R

Figure A-5 Definitions used to determine rotation in a gauge group
Figure A-5 shows the displacements ( 8, and 8;, the change in length of gauge 2 and 3 respectively)
used to determine the rotation (8) over the length of gauge group ‘x’, of height h,. For situations were
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group 'x' is a beam gauge group, h, is the height of the group. For column groups, h, is the width of
the gauge group. For both types of groups this is the length of gauge 1.

The flexural rotation within a gauge group ‘X’ is:

_52_53
Ch

x

é eq. 26

and the displacement at the end of the beam or column caused by this rotation is:

A.‘-‘.‘e.t . ng eq.27
where D, is the distance from the centre of the gauge group to the beam or column tip. For the beam
gauge groups the total displacement at beam tip due to beam flexure is determined by summing the
flexural displacement due to each gauge group on the beam, i.e.

ABF.IE_,‘? =ApatApe s T Apec YAp (a)

eq. 28
At right = D ptex-p t Bpiexg T B s r + B gy (b)

For gauge groups on the columns (groups G, H, | and J from Figure A-1) it is necessary to convert the
displacement at the column ends into an equivalent displacement at the beam tips. This conversion
is accomplished as follows:

I
Acr = [A Flex-G + Bprex-p + Bpex—y ¥ Aprer-s ]‘!g‘ eq. 29

c
where Z is the distance from the column centreline to the left or right beam tip respectively, and H,; is
the height between the centres of the column restraints (assumed to be the points of zero moment).

Beam and Column Shear Displacements

Figure A-6 Definitions used to determine shear displacement in a gauge group
To determine the magnitude of shear displacements that occurred in a gauge group it is assumed that
the dimension of the gauge group parallel to the shearing force does not change, and therefore that
the two shear displacements marked Aspearx in Figure A-6 are equal. For the purposes of this
explanation it is assumed that §; is an extension (and hence a positive portal gauge reading) and that
d, is a contraction (and the portal gauge reading is negative). Due to the small geometry changes of

gauge blocks during testing it is assumed that the angle Q remains constant, and is given by:
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taan"(:’f} eq. 30

X
where w, and h, are respectively the width and height of the gauge group. From Figure A-6 it can be

seen that:
0. =)
cos(Q)=———= - eq. 31
AShear-X A.\'hear-x

Rearranging eq. 30 and summing to provide an average value of Aghear-x gives:

o5—0
A =——4 .32
Shear-X 2cos(Q) eq.3

The total displacement due to beam shear at a beam tip is simply the sum of the shear displacements
of the gauge blocks on that beam (A, B, C and K on the left beam, D, E, F and L on the right beam).

The displacement of a load point due to column shear is given by the following:

l
Acs = [Ashear—ﬁ +Agrear-tt T Dshear-1 + Bshear-s ]i,i eq. 33

«

with definitions as for equation eq. 29.

A.3 Calculating Correction Factors for the Turnpot Readings

It is necessary to correct the readings of total beam displacement obtained from the turnpot gauges to
allow for rigid body movement of the beam-column joint within the column restraints. This movement
is separated into two parts — lateral translation of the unit parallel to the column, and rotation of the
unit, as seen in Figure A-7. Since the turn potentiometers read parallel to the column, lateral
translation parallel to the beams will not affect their readings.

a) Vertical Translation b) Rotation 5

COMMyanst
(=Bcot bot.ver)f |

.

& col.bot.ver f_ ——————

8 col.bot.hor

Figure A-7 Correction factors for overall movement of test unit

Translation Correction Factor

Translation of the unit parallel to the column was measured by a single portal gauge transducer,
marked “column bottom vertical” in Figure A-1. This was installed so that the gauge gave a positive
reading if the column moved upwards (as defined in Figure 4-5).
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To correct the readings of beam end deflections, this reading was applied as follows:

Corr:ran.r.feﬁ = 5ca.’,bat.ver (a)
B -
Corr:mm_n'gh: = _Jco.i_bm.ver ( )

where Corry.nsx is the correction factor applied to the turnpot reading for the left or right hand beam,

and 8. 01ver IS the change in length of the portal gauge column bottom vertical.

Rotation Correction Factor

Two portal gauges were installed to measure the rotation of the unit within the column restraints.
These are marked column top horizontal and column bottom horizontal in Figure A-1. The gauges
were installed so that a positive gauge reading (an extension of the gauge length) resulted from a
positive (anti-clockwise) rotation of the beam-column joint.

The correction factor required was calculated from these readings as follows:

l
Corrral = (‘izo!,rop.hor + 5ca£.bo.-_har )I_b eq. 35

[
i.e. the correction factor for the left or right beam is the total displacement of the column ends divided
by the column height (to give an angle of rotation) multiplied by the distance from the centreline of the
column to the centreline of the double acting actuator on the respective beam.

A.4 Comparison of displacement components with total beam tip movement

To establish the accuracy of the calculated displacement components, it is necessary to compare
them with the beam tip displacements measured by the turn potentiometers. To obtain a value for
comparison the components of displacement due to beam and column shear and flexure, joint shear
and rigid body rotation were summed for each beam tip, i.e.

Apiiir B A g ¥ Ay + A +A o + Corr,, + Corr, .. eq. 36

Total

A.5 Measuring longitudinal reinforcement slip in the joint region

In order to fulfil the requirements of this series of tests it was important to measure the movement of
the beam longitudinal reinforcement in the joint region. This was done by installing four gauges in the
joint region (joint gauge block 1-4 in Figure A-1) for this purpose. As was discussed in section 2.3 it
was very unlikely that the bond between the column reinforcement and concrete would fail during
testing, and hence no provision was made to measure column reinforcement slip.

At the outer edge of the joint region gauges JT1-JT4 were attached to studs welded to the column
longitudinal reinforcement, which was assumed to be a fixed reference. The other end of the gauges
(near the centreline of the column) were attached to longer studs that were welded to the beam
longitudinal reinforcement (see Figure A-8). Examination of the data recorded during testing of units
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1B-4B showed that the change in width of the joint gauge group did not exceed half a percent,
showing that the assumption of the column bars being fixed reference points was reasonable.

¥ [
< &t
a 5

LJT'l I-JT2

LJTS I-.}Tai-

Figure A-8 Measurement of reinforcement movement in the joint region

Since the assumption that the column longitudinal bars were unmoving was correct (i.e.
L’ jr1+L ;r2~constant) the readings for gauges JT1 and JT2 (8,42 in Figure A-8) and JT3 and JT4 (834)
gave a measure of how far the beam longitudinal reinforcement had slipped relative to the column
reinforcement and surrounding concrete. Therefore, the distance the reinforcement slipped was
taken as the average of these two measurements, i.e.
, 5 -6,
Shplop.bar = 2
5,-8,

2
The negative signs take account of the fact that one gauge was expanding (positive reading) and one

(a)
eq.37

SliPyorbar = (b)

was contracting (negative reading) while measuring the same movement.
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