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ABSTRACT

This report deals with the behaviour of interior beam-column joints of
reinforced concrete ductile frames using Grade 430 steel bar under simulated earthquake

loading.

Six specimens with symmetrical or unsymmetrical longitudinal reinforcement
from Grade 430 steel bar were tested to investigate the anchorage performance of the
beam bars passing through the joint core. The experimental results indicated that the
use of high-strength concrete was beneficial. The effect of the ratio of area of bottom
steel to top steel was found to be significant when determining the anchorage length of

beam bars in the joint core.

Based on the test results and other previous research works in the University
of Canterbury, a recommendation was proposed for a limitation on the beam bar

diameter of beam bar passing through an interior beam-column joint.
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NOTATION

area of gross section of beam

area of gross section of column

area of gross section of column

total area of transverse bars with spacing s,

area of tension and compression longitudinal reinforcement of beam,
respectively

area of tension and compression reinforcement in one face of column
overall width of column

effective width of joint

web of width of beam

compression stress resultant in concrete

joint shear participation factor=V;,/(V;,+V,)

compression stress resultant in reinforcement

reinforcing bar diameter

bottom beam bar diameter

top beam bar diameter

diagonal compression force resisted by concrete strut mechanism in
joint core

diagonal compression force resisted by truss mechanism in joint core
modulus of elasticity of steel, MPa

compressive strength of concrete, MPa

yield strength of reinforcement, MPa

yield strength of horizontal joint reinforcement

ultimate strength of reinforcement, MPa




shear modulus of con concrete

dimension of the concrete core of the section measured perpendicular
to the direction of the hoop bars to outside of the perimeter hoop

depth of beam

depth of column in the direction of horizontal shear to be considered
reduce depth of column

distance between potentiometers above beam and beneath beam
moment of inertia about ideal centre axis of gross section of beam
moment of inertia of gross section of column

moment of inertia of cracked beam section

moment of inertia of cracked column section

factor to take into account the non-uniform distribution of shear
stress

half of length of beam of test unit
storey height of column between points of support of test unit
the basic development length of a deformed bar in compression

the basic development length of a deformed bar in tension
terminating

distance between centre-line of a beam sub-region and beam support
point

positive beam moment at column face

negative beam moment at column face

column axial load

minimum design axial load in compression on column
reaction force on beam support points

distance of a pair of potentiometers from column face or adjacent
pair
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B,

B

centre to centre spacing of the hoop sets

the clear span of the bottom of ribs of steel bar

tension force in reinforcement (subscripted)

unit bond force including overstrength of bar in tension

unit bond force

average bond stress

storey shear force

vertical shear force in beam

horizontal joint shear strength provided by concrete strut mechanism
design shear force

vertical joint shear strength provided by concrete strut mechanism
total horizontal shear force across a joint

total vertical shear force across a joint

total horizontal joint shear force in x direction

total horizontal joint shear force in y direction

ideal horizontal joint shear strength provided by horizontal joint shear
reinforcement

ideal vertical joint shear strength provided by vertical joint shear
reinforcement

beam longitudinal steel overstrength factor
A/A,

a modification factor for the flexural rigidity of beam to include the
effect from shear deformation

a modification factor for the flexural rigidity of column to include the
effect from shear deformation

an angle of the diagonal compression field to the horizontal

distortion angle of joint core




A storey displacement

A, yield storey displacement

Ay, A, A, storey displacement from beam, column and joint deformations,
respectively

AS,...AS; changes in distance of S,...Ss

Ay, Ay, Ay yield storey displacement from beam, column and joint deformations
respectively

Ay, Ay storey displacement along pushing or pulling direction at three-
quarters of theoreticalhorizontal ultimate load

Aym measured first yield displacement

Ay, theoretical first yield displacement

AT,AT,AT, the bond force transmitted from the beam and etc column
longitudinal reinforcing to the concrete within the strut

5, & deformation of joint diagonal

E, yield strain

€, strain at the commencement of strain hardin

Py area ratio of total column longitudinal reinforcement

¢ strength reduction factor
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CHAPTER 1
BEAM-COLUMN JOINT

1.1 NTROD N

The ductile design method of earthquake resistant structures indicates that both
strength and ductility are the criteria in designing a building to withstand severe
earthquake loading. To absorb and dissipate an input earthquake energy, and to avoid
collapse of tall reinforced concrete multistorey frames, a structural system with strong
columns-weak beams must be required [1]. The joints connecting the columns and beams
should not be weak link during seismic attack. A series of examples of beam-column
joint failures, especially 1980 El Asnam earthquake [2], have made that is known that
beam-column joints can be critical regions in reinforced concrete ductile moment
resisting frames under severe earthquake action. To investigate the behaviour of
beam-column joints in reinforced concrete ductile moment resisting frames, a great deal
of  experimental and analytical researches have been conducted in University of
Canterbury since the early 1970’s, which led to the current New Zealand design approach

for the seismic design of reinforced concrete beam-column joints.

Beam-column joint cores are subjected to large shear forces due to lateral
earthquake force and also need to provide sufficient anchorage length for longitudinal
beam and column bars. Fig. 1.1 shows internal forces transmitted from adjacent members
to the joint. It is obvious that the state of stress is quite complex in the joint. The design
of a beam-column joint is a complicated problem. Some suggestions of design criteria

for joints proposed by Paulay and Park[3] as follows:

(1) The strength of a joint should not be less than the maximum strength of the
weakest member it connects. This requirement is to ensure that failure will not
occur in the joint core, and hence is to eliminate the need for repair of a
relatively inaccessible region, and to prevent significant energy dissipation by
shear and bond mechanisms in the joint core which undergo strength and

stiffness degradation when subjected to cyclic loading in the inelastic range.
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Fig.1.1 Internal forces on an interior beam-column joint core

(2) The capacity of a column should not be jeopardised by possible strength
degradation within the joint core due to cyclic inelastic displacements. The

joint is an integral part of the column.
3) During moderate seismic disturbances, a joint should preferably respond within

the elastic range. Joint core deformation should not significantly affect the

frame stiffness and storey drift.

(4) The reinforcement in the joint core necessary to ensure satisfactory

performance should not cause undue construction difficulties.

1.2 LITERATURE REVIEW

A wide variety of studies on beam-column joints have been undertaken in many
seismic prone countries, since the results of seven beam-column joints tested by Hanson
and Conner [4] were first reported in 1967. The above research report indicated that the

beam-column joints could be critical regions in reinforced concrete frames under seismic
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actions. Either bond failure or shear failure in the joint was observed in almost all
beam-column joints tested. The mechanisms of joint shear resistance were not clearly

determined in the early studies.

Assessment of the results of the tests on beam-column joints conducted by several
researchers [5,6,7] in the early 1970’s resulted in the proposal of a model for joint core
shear resistance proposed by Park and Paulay [8] in 1973. It was postulated that the
shear resistance of the joint core was provided by a concrete diagonal compression strut
mechanism and a truss mechanism requiring both horizontal and vertical shear
reinforcement. Vertical shear reinforcement is necessary to form a truss mechanism in
the joint, a finding which had been overlooked by all previous researchers. This was
demonstrated by Yeoh and Park [9] who tested three beam-column joints in 1978. It was
also suggested that no joint shear force could be carried by the concrete diagonal
compression strut mechanism ( See section 2.2.1 ), unless a significant column axial load

was present, in reinforced concrete ductile moment resisting frames.

Paulay et al [10] in 1978 improved the previous model by demonstrating how the
degree of participation of each of the mechanisms (concrete diagonal compression strut
and truss) depended on the loading history and condition of the concrete in the joint
core region in 1978. This paper clarified the mechanisms of joint core shear resistance.

The need for vertical shear reinforcing in the joint core was emphasized again.

In the meantime, the results of tests on three interior beam-column joints
by Beckingsale [11] showed close agreement with the predictions of the postulated
model, which became widely accepted in New Zealand and formed the basis of the
chapter on the design of beam-column joints in the NZS 3101:1982 [12]. Beckingsale also
pointed out that some slippage of the longitudinal beam bars in post-elastic range had

to be accepted.

To investigate the behaviour of beam-column joints with reduced contents of joint
shear reinforcement, in 1978 Briss [13] tested two interior joints with less joint shear

reinforcement than Beckingsale’s joints, and with the same joint design shear force.
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Even though the behaviour of joints was satisfactory when the test units were loaded in
the elastic range, the performance of joints was unsatisfactory when loaded in the

inelastic range.

In 1982, Milburn’s [14] tests, conducted on two interior joints and two exterior
joints, confirmed that the joint core shear reinforcing requirements in the NZS 3101:1982
were safe and pointed out that forcing the beam plastic hinges to form away from the

column faces was advantageous for interior joints.

Over the last ten years, some test programmes [15, 16,17] ( See Fig.1.2 and 1.3 )
have been conducted in New Zealand, which attempted to look for new effective
construction techniques to reduce the content of joint core shear reinforcement, and to

improve the bond condition in the joint region, have been conducted in New Zealand.

With the use of high strength materials, smaller member sections, and larger
reinforcing bar diameter, special attention to the design and detailing of the joint has

become more important [18].

In 1987, Dai and Park [19,20] reported the results of seismic load tests on four
beam-column joints with gravity loading on the beams. Three of these joints did not
satisfy the requirements for ductile detailing of NZS 3101:1982 for joint shear
reinforcement and anchorage length. Although some pinching was observed in the
lateral load versus displacement hysteresis loops, the performance was considered to be
acceptable. It was concluded that the present NZS 3101:1982 provisions for beam bar

diameters could be relaxed.

At the same time, the experimental work of four beam column joints had been
completed by Kitayama et al [21]. They noted that bond deterioration and shear
resistance in the joint were closely related and indicated that some pinching of the
hysteresis loops should be permitted, since it made little difference to the dynamic
response of the frame. The design joint shear force should be limited to prevent shear
compression failure after the bond deterioration along the beam reinforcement in the

joint core.
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Cheung, Paulay and Park [22,23], after testing and analyzing three full scale
beam-column joints assemblies incorporating floor slabs, which were designed according
to the New Zealand concrete design code provisions for ductile moment resisting frames,
considered that current New Zealand design procedures could be relaxed a little in terms
of both bond and shear strength requirements, and more refined models for bond

strength and shear strength of joint cores were postulated.

1.3 THE AIMS OF THIS PROJECT

Most of the previous tests on reinforced concrete beam-column joints conducted
at the University of Canterbury, have been on test specimens were with Grade 275 or
300 steel bar used as beam flexural reinforcement and conventional concrete compressive
strengths. With the current availability of higher strength steel and concrete, it is evident
that the anchorage lengths requirements of the longitudinal reinforcement passing
through beam-column joint cores needs to be reassessed. The main purpose of this
research project is to investigate the behaviour of beam-column joints in reinforced
ductile moment resisting frames with a range of concrete compressive strengths and

reinforced with Grade 430 steel.

Six interior beam-column joints were built and tested under simulated earthquake
loading. Only the beam bar diameter of one specimen was designed according to the
requirement for ductile detailing of NZS 3101:1982. The beam bar diameter of the
others were based on the formula recommended by Park and Dai [20], which is a

relaxation of the code requirement.
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CHAPTER 2

MODEL OF THE BEHAVIOUR INTERIOR BEAM-COLUMN JOINTS

21 A NS ON INTERIOR PLANE INT.

The deflected shape of a moment resisting plane frame subjected to lateral
seismic loading is shown in Fig. 2.1. For the sake of simplicity, all points of contraflexure
are assumed at the mid-point of the members. The effects of gravity loads on the beams
and higher modes of vibration and stiffness variation between storeys on the columns

may often move the point of contraflexure well away from the mid-point positions.

A subassemblage of the frame with loading shown in Fig. 2.2 is same as that used
for the the units in this project, except that no axial column load was applied, since that
is the most critical case for the joint core shear strength and the bond strength of

longitudinal beam bars within the joint core region.

In order to study the behaviour of the beam-column joint, it is necessary firstly
to define moments and shears acting on the joint core region under seismic loading as
shown in Fig. 2.3. By considering the equilibrium of moments about the centre of the

joint core, and assuming V=V, , it is evident that

(M, + 05hV,)) + (M, + 0.5h.V,,)

-05LV,, - 0.5L, Vo = 0 (2.1)

The principle of strong column-weak beam is followed in the design of tall
reinforced concrete ductile moment resisting frames. It implies that plastic hinges will
occur at the column face in the beams. Due to larger inelastic storey displacements,
some strain hardening of the tensile steel at a plastic hinge section in a beam may
commence before the full ductile capacity of the section is reached, which leads an
overstrength flexural reinforcing stengths being developed at the beam plastic hinges.

Then the actions M and V are substituted for the overstrength values of M° and V* in
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Fig. 2.2 The isolated beam-column joint subassemblage
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the Eq. (2.1). Therefore

_M,;° + M,° +05h(Vy,° +V,°)

V [
0.5(L, + L.)

(2.2)

col

The external and internal actions on an interior joint has been drawn in Fig.1.1.
When adjacent beams develop their maximum possible flexural strength, the design

horizontal shear force V;, across the mid-depth of the joint core is

Vi =T, #Cs * Cp = Vi (2.3a)
Vi = Ty 16y + Cy <V (2.3b)
It can be noted that equilibrium of forces in the beam requires
T, =C4 +Cy (2.42)
T, =C, +C, (2.4b)

Also an overstrength factor a is included when the tension forces T, and T, in the
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reinforcement are calculated. In New Zealand a is commonly assume to be 1.25 for

Grade 300 and 430 steel. Hence Eq.(2.3) can be rewritten as

V=T, +T, -V, (2.5)

Correspondingly, the design vertical joint shear force V,, is written as

V=T =0, +€ =V (2.6a)

Viv = T +C. +C, -V (2:60)

The ductile design approach implies that the columns are expected to remain
elastic under seismic actions. Therefore, the overstength factor is not applied to the
tension forces T' and T” in the column reinforcement. When the top and bottom beam

bars are unsymmetrical, V,, is not equal to V,,.

By taking into account the distances between the stress resultants and member
dimensions, the following expression is generally sufficiently accurate for design purposes

to estimate the design vertical joint shear force,

h
V. =V._° (2.7)

v iy
hc

22  SHEAR RESISTING MECHANISMS FOR INTERIOR JOINTS

The current provisions of the New Zealand concrete design code [12] for the
design of joints for shear resistance is based on strut and truss mechar' ms (See Fig. 2.4)
proposed by Park and Paulay. The strut mechanism has a diagonal compression strut
acting along the diagonal of the joint panel as the resultant of concrete compression and
shear forces around the joint (See Fig. 2.4(c)). The truss mechanism is made up by the
bond force of the vertical and horizontal reinforcement and forces in the corner regions
of the joint (See Fig. 2.5(d)).
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Fig. 2.4 Principal mechanisms of shear resistance of an inelastic interior joint core [3]
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2.2.1 Diagonal Compression Concrete Strut Mechanism

Fig. 2.4(c) shows that if the horizontal and vertical forces in the corner regions
of the joint can be transferred across the joint core by a diagonal concrete strut, which
carries a compressive force, D, at an angle 6 to the horizontal. This mechanism does
not need any joint reinforcement except confining reinforcement to ensure that the
concrete strut can sustain the compressive stresses. It is apparent that a system of forces
in equilibrium may exist, consisting of the concrete compression forces, column and beam
shear forces and the bond forces, AT, existing within the compression zone. The

horizontal component of the diagonal compression force is given by
Vch = Ccl it ATcl - vl:ol = DcCOSB (2.8)

where AT, is the bond force transmitted from the beam longitudinal reinforcing to the

concrete within the strut. Similarly, the vertical component is

V., = C, + AT, - V,, = Dsin8 (2.9)

In the elastic range, that is before the occurrence of significant yielding in the
beam reinforcement, the concrete compression forces in the beams C, (C,,) and the
bond forces AT, (AT,,), will be a large fraction of total horizontal force to be transferred
across the joint. Thus in this situation the diagonal strut mechanism may resist a main
proportion of the total applied horizontal joint shear, V;,. However, as cyclic inelastic
loading progresses under severe earthquake actions, flexural cracking of the beams at the
column faces become more severe. These flexural cracks may not close again upon
moment reversals unless the beam bars, situated in the compression zone, slip or yield
extensively. The concrete compression forces in the beam, C, and C,,, are likely to be
small. Meanwhile, the penetration of strains in excess of yield strain in the beam bars
into the joint core means bond deterioration along the beam bars, and the total
horizontal force available to combine with the vertical forces to allow a diagonal strut
to act will therefore be small. Eventually the horizontal joint core shear resistance may

be transferred from the strut (D,) mechanism to the truss (D,) mechanism.
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2.2.2 Truss Mechanism

A second mechanism by which joint shear may be resisted in shown Fig. 2.4(d).
This mechanism consists of joint core horizontal reinforcement (normally in the form of
joint hoops), joint core vertical reinforcement (normally in the form of column
intermediate bars) and diagonal concrete struts. As is shown in Fig. 2.4(d), the

horizontal shear force resisted by this truss mechanism is given by
Vi = Vi - Vg = D,cosB (2.10)

Where D is the total resultant force resisted by the diagonal compression field at an

angle of B to the horizontal.

It should be noted that inclusion of horizontal joint reinforcing alone is
insufficient to ensure the satisfactory performance of this mechanism. Vertical
compression components must be supplied by vertical reinforcement across the joint
core. This is particularly important in the design of joints for which the column axial load

is small. As before, the vertical component of shear force may be also defined as

V,, =V, -V, = Dgsin8 (2.11)

2.2.3 Additional Sources of Shear Resistance

Generally, aggregate interlock and dowel action are the two other suggested
potential mechanisms of shear resistance. However, both aggregate interlock and dowel
action of longitudinal bars passing through the joint core can be only classified as
secondary sources of joint shear resistance. They can not be considered as reliable

mechanisms of shear resistance in design.

23 THE RELATIONSHIP OF BOND AND SHEAR RESISTING
MECHANISMS IN THE JOINT

The total design horizontal joint shear force Vj, is carried by the diagonal
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concrete strut mechanism V and the truss mechanism V. That is

V. =V

jh k!

(2.12a)

ch sh

similary,

Vjv +V_+V (2.12b)

To motivate these two shear resisting mechanisms, it is necessary that there exists
bond between longitudinal bars and the joint core concrete. The behaviour of the joint

depends on the bond performance of the longitudinal bars.

Generally, near perfect bond between a beam bar and the joint core concrete is
assumed in the approach taken by the current New Zealand concrete design code [12]
provisions for joint design. In other words, the stresses and strains in the beam bars near
the centre of the joint core should be almost zero. The magnitudes and variations of

bond stress within the joint core will be discussed in the following paragraphs.

(a)  The Joint Core in the Elastic Range

For convenience of discussion, no column axial load is considered to be acting on
the interior joint. Fig. 2.5 illustrates variations of bond stresses of the top beam bar of
the interior joint at various stages of the loading. The external actions on and shear
forces across the joint core are shown in Fig. 2.5(a). To balance input force T, and C,
which are the tensile and compressive forces of the bar as shown in Fig. 2.5(b), bond
force, u;h, assuming a uniform distribution of bond forces across the joint core, of the

top beam bar is required. That is
wh, =T, +C, (2.13)
where h, is the depth of joint (column) and u, is unit bond force given by
u, = nd,u, (2.14)

substituting Eq. (2.14) into Eq. (2.13) gives
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_T1+C52

- 2.15
% = (2.15)

where u, is the average bond stress and d, is the bar diameter.

If the conditions in the joint core when yielding of the top beam bar first occurs
are considered, a vector diagram of forces may be constructed as illustrated in Fig. 2.6(c).
At this stage it is assumed that stress distribution in the top beam bars as they pass
through the joint core, is linear and thus the bond stress, given by the rate of change of
the steel stress, is constant as shown in Fig. 2.5(c). It is evident in Fig. 2.6 that the
diagonal compression strut is maintained by that portion of the bond force previously
defined as AT, together with the concrete compression forces and column shear force in
the horizontal direction and similar column internal forces in the vertical direction.
Evidently the truss mechanism V, does not resist the entire joint shear force V;,. Only
the parts of the beam and column bar bond forces not utilised here will need to be

maintained by the truss mechanism (See Fig. 2.4(d)).

Fig. 2.5(d) shows a critical case. When the flexural steel compression force C,,

is increased the diagonal strut mechanism is reduced gradually.
(b)  The Joint Core in the Inelastic Range

When some yield penetration takes place in the top beam bar as shown in
Fig. 2.5(e), the joint core commences inelastic range. It may be seen that the bond
resistance of the cover concrete at both sides of the column is degraded due to the yield
penetration. The average unit bond force is assumed to be distributed over a reduced
core depth h, as shown. At this stage, the function of the truss mechanism V, becomes

more significant.

Fig. 2.7(a and b) illustrate the steel and bond stresses and bond after significant
yield penetration and strain harding. The truss mechanism resists nearly the total input

horizontal shear force. In other words, the horizontal shear resistance of the concrete
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Fig. 2.6 Bond and shear mechanisms in a joint core in the elastic range [14,22]
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strut mechanism tends to zero. However when the axial compression force on a column
is large, the concrete strut mechanism resists more shear. A larger portion of the bond
forces from the beam bars can be assumed to be transferred to the diagonal strut (See
Fig. 2.8), since the neutral axis depth in the column section increases with axial
compression. Thus, in this case a small contribution is required from the truss
mechanism. Hence less horizontal shear reinforcement in the joint core is necessary

when the axial compression load on the column is increased.

It is noted in the above discussion that no slip of beam bar within the joint core
is assumed. However, the actual situation is that local bond-slip may occur since the
bond between a beam bar and the core concrete not perfect. Fig. 2.9 shows the
distributions of steel stress and bond over the joint core under this circumstance. The
concrete compression force C, will not vanish due to local slip of beam bar. Thereby,
the diagonal concrete strut mechanism is enhanced. Correspondingly, the steel
compression force C,, will be reduced. In the extreme case, when the bond breaks down
in the joint core, the beam bars will be anchored in the adjacent beams. The concrete
flexural compression force C. becomes very large when the slip beam bars through the
joint core, thus further mobilising the strut mechanism (See Fig. 2.10). Both the shear
input by bond and the resistance by truss mechanism then diminish. A break-down of
bond within interior joints does not necessarily result in a loss of strength. However, the
bond-slip may seriously affect the hysteretic response of ductile frames, reaching in

remarkable pinching in the load-displacement loops, and a very flexible frame.
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CHAPTER 3
DE REQUIREMENTS FOR CONVENTIONAL B -COLUMN JOIN

31 GENERAL

The provisions of the New Zealand concrete design code NZS 3101:1982 [12]
given in this section apply to design of beam-column joints subject to shear induced by
gravity or earthquake loads or both. According to NZS 3101:1982, beam-column joints

shall satisfy the following criteria:

(a) A joint shall perform under service loads at least as well as the members that
it joins.
(b) A joint shall have a dependable strength sufficient to resist the most adverse

load combinations sustained by the adjoining members, as specified by the

appropriate loading code, several times where necessary.

3.2 ASSUM N

The requirements of NZS 3101:1982 [12] are intended to ensure that a joint
core has sufficient strength to cause energy dissipation to occur in the potential plastic
hinge regions of the adjoining members and not in the joint core. Accordingly, the joint
core should be designed to withstand the forces arising when the overstrength of the
framing members is developed, considering actions in both principal directions
separately where necessary. The design actions are obtained by assuming that the
stresses in the flexural steel at the plastic hinges are 1.25 times the lower character yield
strength in the case of both Grade 300 and 430 steel.

3.3 HORIZONTAL JOINT

In order to prevent the diagonal concrete strut from crushing, the nominal

horizontal joint core shear stress in either direction is limited to:
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V,h L]

% " g S 1.5yf. (MPa) (3.1)
jc

The effective joint width, b, is defined thus:

(a) when b, > b, either b; = b, or b; = b, + 0.5h,, whichever is the smaller.

(b) when b, < b, either b; = b, or b; = b, + 0.5h,, whichever is the smaller.

Transverse joint reinforcement is required to resist the shear in excess of that

taken by the concrete strut mechanism. The reinforcement should be designed to resist

Vi = th ~¥ (3-2)

ch

The magnitude of the concrete contribution is dependent on several

parameters and allowable values vary as follows:
V., should be taken as zero unless one of the following situations applies:

(1) When the minimum average compressive stress on the gross concrete area of

the column above the joint exceeds 0.1f;/Cj

2 |G L L (3:3)
V. =2|Zi"e _ 2 (pin
o= 3| a 19 (PN

where C; = V,/(V;, + V) where V,, and V, are horizontal design shear
forces in the joint core in the two principal directions (C; = 1 for one-way
frame), P, is minimum axial compressive column load, and A, is gross area

of column cross section.

(2) When the design is such that plastic hinge occurs at a distance away from the

column face not less than the beam depth nor 500 mm (See Fig. 3.1), or for
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4)

24

external joints where the flexural steel is anchored outside the column core

in a beam stub,

C.P

1+ Sl

04A f,

8

(3.4)

v,

where A, and A, are area of tension and compression longitudinal
reinforcement of beam, respectively. A./A, shall not be taken larger than
1.0. Even for such an elastic joint, however, when the column axial load
results in tensile stresses over the gross concrete area exceeding 0.2 f, then
V., = 0. For axial tension between these limits V, may be obtained by
linear interpolation between zero and the value given by Eq. (3.4) when P,

is taken as zero.

For external joints without beam stubs, Eq. (2.4) may be used when

multiplied by the factor

3h, (A, provided)

. (35)
4h, (Ajv required)

which shall not be taken as greater than 1.0. Use of this factor requires that
the beam bars be anchored using a 90° standard hook in the joint core (See
Fig. 3.3).

When the ratio h./h, is greater than or equal to 2.0, V, need not be taken

as less than

V,, = 02bh, |, (36)

This arises because of the improved bond conditions and correspondingly

better concrete shear capacity expected from joint cores with this aspect ratio.
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34 VERTI HEAR

The total area of vertical shear reinforcement, normally in the form of

intermediate column bars on the side faces of the column, should not be less than

A w2 (3.7)

where the vertical design shear force to be resisted by this shear reinforcement is
V.=V -V (3.8)

When a plastic hinge is not expected to occur in the column above or below the joint

core, V,, is given by

C.P
06 + 12

Af,

(3.9)

except where axial load results in tensile stresses over the column section. Where A
and A__ are area of tension and compression reinforcement in one face of column,
respectively. When P, is tensile, the value of V, is interpolated linearly between the
value given by Eq. (3.9) when P, is taken as zero and zero when the axial tensile stress

over the gross concrete area is 0.2f.

However, if plastic hinges are expected to form in the column above or below

the joint core, V, should be taken as zero for any axial load on the column.

The spacing of vertical shear reinforcement in each plane of any beam
framing into the joint should not exceed 200 mm and in no case should there be less

than one intermediate bar in each side of the column in that plane.
35 FIN NT

The confinement of the concrete in the joint core is, as for the potential

plastic hinge regions in columns. When rectangular hoops are used, the transverse steel
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area within spacing s, is to be not less than the greater of

f Ll
f_‘ [0.5 + 1.25 P ¢f. A,] (3.10)

(A
A, = 03s,h [_.% -1
A yh

c

or

. E
A, =0125h" =
fvh

P
S + 128.___°

¢f. A

(3.11)

g

The spacing vertical of horizontal hoops is limited to the lesser of 200 mm or 10 times

longitudinal bar diameters.

When a capacity design procedure precludes the development of column

plastic hinges, the above values Ay, may be reduced by one half.
3.6 BAR ANCHORAGE IN INTERIOR JOINT

To keep bond stresses to an acceptable level, the diameters of deformed
longitudinal bar d, passing through a joint core are limited as follows for both Grade 300
and 430 steel reinforcement (f;, = 300 - 430 MPa):

(a) Beam bar:

When plastic hinge can occur adjacent to the column face:

h
d, = 12-= (3.12)
Y

When plastic hinge is located at a distance from the column face of at least

the beam depth or 500 mm, whichever is less:

h
dy = 155 (3.13)

y

where h,=column depth.



27
(b) Column bar:

When columns are intended to develop plastic hinges:

h
d, = 152 (3.14)
f&'

When columns are not intended to develop plastic hinges:

h
d. =202 (3.15)
y

where h,=beam depth.
3.7 BAR HORAGE AT EXTERIOR JOINT

The basic development length of a deformed bar in tension terminating with
a standard 90° hook (See Fig. 3.3) is
_ 66d, f,

ldh - 3"06
i

Where the bar diameter is 32 mm or smaller with side cover not less than 60 mm and

(3.16)

cover on tail extension not less than 40 mm, the value may be reduced to 0.71,,, and

where the concrete is suitably confined the value may be reduced to 0.8l,.

The basic development length for a deformed bar in compression is

lgp = 0.20d,—2 (3.17)
f.

but not less than 0.40d,f. Where the concrete is suitable confined the value may be

reduced to 0.751,.

The anchorage is considered to commence within the column at distance 0.5h,
or 10 d, from the column face, whichever is less, except that when the plastic hinge is
located away from the column face, the anchorage may be considered to commence at

the column face (See Fig. 3.4).
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CHAPTER 4
TEST PROGRAMME

4.1 INTRODUCTION

Six specimens of reinforced concrete beam-column joints were tested under
simulated earthquake loading in this project. The units may be considered to be
approximately three-quarter scale models. The beam dimensions were 500 x 250 mm
and column dimensions were 450 x 300 mm. The overall dimensions of the units are

shown in Fig. 4.1.

The six units were divided into three groups according to the specified
compression strength of concrete in the design of test units. Both symmetrical and
unsymmetrical reinforced section were designed in each group. The amount of joint core
shear reinforcement in all units did not to meet the requirements of NZS 3101:1982 [12].
In the joint core, the horizontal shear reinforcement provided by the hoops was 60% of
that required by NZS 3101:1982 and the vertical shear requirement provided by
intermediate column bars was 75% of that required. The longitudinal bar diameter of
all units did not satisfy the requirement for ductile detailing of NZS 3101:1982 except for
the longitudinal beam bars of Unit 1.

4.2 DESIGN OF UNITS

In the all six units, the plastic hinges were designed to occur in the beams
adjacent to the column faces and the columns were kept in the elastic range during the
tests. To achieve this, the columns were designed to have an ideal flexural strength of
at least 1.8 times the ideal flexural strength of the beams. Transverse reinforcement in

the beams and columns complied full with the requirements of NZS 3101:1982.

In the all six units, the longitudinal reinforcement in the beams and columns
was from Grade 430 deformed steel bar and transverse steel in the beam, column and

joint was from Grade 300 plain round steel. The reinforcement is described below.
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Fig. 4.1 Dimensions of the test units

UNIT 1: The detail of the reinforcement for Unit 1 is shown in Fig. 4.2. HDI12 steel

bars, seven in the top and seven in the bottom, were used as flexural reinforcement in
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the beam. The longitudinal reinforcement ratio in the top and bottom of the beam steel
beam ratio was 0.73%.

_ Four HD28 and two HD24 bars were used as column longitudinal
reinforcement, providing sufficient flexural capacity to ensure that plastic hinging

occurred in the beam. The longitudinal column reinforcement ratio p, was 1.40%.

Five sets of R10 hoops (rectangular plus shaped) were used as horizontal joint
shear reinforcement, and the two HD24 intermediate column bars were there for vertical

joint shear reinforcement.

UNIT 2: The detail of the reinforcement for Unit 2 is shown in Fig. 4.3. HD16 steel
bars, four in the top two in the bottom, were used as beam flexural reinforcement. The
longitudinal reinforcement ratio in the top and bottom of the beam was 0.71% and

0.36%, respectively.

Four HD24 and two HDI16 bars were used as column longitudinal
reinforcement, providing sufficient flexural capacity to ensure that plastic hinging

occurred in the beam. The longitudinal column reinforcement ratio p, was 0.92%.

Five sets of R10 (rectangular) and Ré6 (shaped) hoops were used as horizontal
joint shear reinforcement, and the two HD16 intermediate column bars were there for

vertical joint shear reinforcement.

UNIT 3: The detail of the reinforcement for Unit 3 is shown in Fig. 4.4. HD16 steel
bars, for in the top and four in the bottom, were used as flexural reinforcement in the

beam. The reinforced ratio in the top and bottom was 0.71%.
Four HD32 and two HD20 bars were used as column flexural reinforcement,
providing sufficient flexural capacity to ensure that plastic hinging occurred in the beam.

The longitudinal column reinforcement ratio p, was 1.60%.

Five sets of R10 hoops (rectangular and shaped) were as horizontal joint shear
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reinforcement and the two HD20 intermediate column bars were used there for vertical

joint shear reinforcement.

UNIT 4: The detail of the reinforcement for Unit 4 is shown in Fig. 4.5. Tow HD20
steel bars were used as top flexural reinforcement, and two HD16 were used as bottom
reinforcement, in the beam. The longitudinal reinforcement ratio in the top and bottom

of the beam was 0.56% and 0.36%, respectively.

Four HD28 and two HD20 bars were used as column flexural reinforcement,
providing sufficient flexural capacity to ensure plastic hinging occurred in the beam. The

longitudinal column reinforcement ratio p, was 1.29%.

Four sets of R10 hoops (rectangular and shaped) were used as horizontal joint
shear reinforcement and the two HD16 intermediate column bars were there for vertical

joint shear reinforcement.

UNIT S: The detail of the reinforcement for Unit 5 is shown in Fig. 4.6. HD20 steel
bars, three in the top and three in the bottom, were used as beam flexural reinforcement.

The longitudinal reinforcement ratio in the beam in the top and bottom was 0.84%.

Four HD32 and two HD20 bars were used as column flexural reinforcement,
providing sufficient flexural capacity to ensure that plastic hinging occurred in the beam.

The longitudinal column reinforcement ratio p, was 1.60%.

Six sets of R12 (rectangular) and R6 (shaped) hoops were used as horizontal joint
shear reinforcement and the two HD20 intermediate column bars were there for as

vertical joint shear reinforcement.

UNIT 6: The detail of the reinforcement for Unit 6 is shown in Fig. 4.7. Two HD28
and two HD20 steel bars were used as top and bottom beam flexural reinforcement,
respectively. The longitudinal reinforcement ratio in the top and bottom of the beam

was 1.09% and 0.56%, respectively.
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Four HD32 and two HD20 bars were used as column flexural reinforcement,
providing sufficient flexural capacity to ensure plastic hinging occurred in the beam. The

longitudinal column reinforcement ratio p, was 1.60%.

Six sets of R12 (rectangular) and R6 (shaped) hoops were used as horizontal
joint shear reinforcement and the two HD20 intermediate column bars were there for

vertical joint shear reinforcement.

4.3 PROPERTIES OF MATERIALS

4.3.1 Concrete

All of the concrete used was prepared by a commercial ready-mix plant. The
maximum aggregate size was 15 mm. The specified compressive cylinder strength of
concrete at 28 days for Units 1, 2, 3, 4, 5 and 6 was 20, 20, 40, 40, 60 and 60 MPa with

100 mm slump, respectively.

Fig. 4.8 Span of ribs in a steel bar

Twelve 100 mm diameter by 200 mm height test cylinders were cast with each
unit. Six cylinders were cured in a fog room, while the rest were cured under the same
conditions as the unit. Compression tests on these cylinders were conducted on seventh
and twenty-eighth days as well as at the beginning of each unit’s test. Table 4.1

summarises the properties.
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Table 4.1 Properties of Concrete

Unit 1 2 3 4 5 6
Slump (mm) 130 50 160 80 60 75
f_ at 7 Days 20.5 23.7 289 42.7 37.1
(MPa)
f. at 28 Days 282 30.3 32.0 36.9 60.7 393
(MPa)
Age at Test 94 92 81 58 29 29
(days)
f_ at Test 309 408 | 425 472 60.7 59.3
Table 4.2 Properties of Steel
Steel Grade 430 (MPa) Grade 300
(MPa)
Size | HD12 | HD16 | HD20 | HD24 | HD28 | HD32 | R6 | R10 | R12
£ 453 445 492 461 463 447 | 356 | 348 | 327
(MPa)
€ 223 | 223 | 263 | 248 | 233 | 231 |26 19 | 1.63
x1073
€ 17.6 16.6 14.5 13.0 | 163 16.3
x10-3
£ 617 605 665 618 616 | 440 | 480 | 451
(MPa)
s,mm | 48 6 9.5 10.2 13

Note: s, is defined as shown in Fig. 4.8
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43.2 Steel

In order to minimize experimental scatter, the majority of the steel
reinforcement was obtained in one delivery so that the properties were expected to be
consistent. The tensile properties of the steel bars were obtained by testing under
progressively increasing monotonic tensile loading in an Avery Universal Testing
Machine of 100 or 1000 kN capacity with the strain being measured by a Baty
mechanical extensometer of 50.8 mm gauge length. Typical stress-strain curves are

shown in Fig. 4.9 while Table 4.2 summarizes the steel properties.
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Fig. 4.9 Stress-strain curves for Grade 430 steel bars
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4.4 E E UNI

The longitudinal flexural reinforcement was gas cut to the required length. All
transverse hoops were cut and bent in a plant before delivery. The bend diameters and
hooks were as specified in NZS 3101. All strain gauges were put on at the required
- positions, before the reinforcement cages were completed outside the mould, taking
considerable care to achieve the desired spacings. Lifting hooks were built into the

beams, positioned away from the critical sections.

The mould was made from a plywood base and steel sides and was oiled before
each unit was cast to facilitate stripping. Two plastic (PVC) tubes were placed at each
end of the beam, and eight 25 mm diameter x 400 mm length Grade 430 steel bars were
placed at each end of the column for the transmission of loading during the tests, after

the reinforcement cage was correctly position in the mould (See Fig. 4.10).

Fig. 4.10 Steel cage of Unit 1 in the mould
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The test units were all cast in the horizontal in one pour. Concrete was placed
in the mould, vibrated using an internal vibrator, and screened off. After the top surface
of the unit had been floated off to a smooth finish it was cured under damp sacking and
polythene for one or two weeks depending on the seven days compression strength of

concrete. Then the unit was lifted out of the mould and stood upright.

In order to improve the visibility of cracking during the tests, the units were

painted with flat white paint.

4.5 TEST RI

The test rig used is shown in Fig. 4.11 and 4.12. The in-plane horizontal load
was applied to the top hinge of the column by a double acting 300 kN capacity MTS
hydraulic jack. A steel beam was bolted to the column of the reaction frame at one end
and connected to the jack using a gimbel at the other end. Free rotation of the jack was
allowed in the vertical plane, thus accommodating the expected vertical movement of the
unit. A strain-gauged load cell was placed between the jack and a link block connected

to the top hinge. The link block effectively extended the ram of the jack.

Each end of the beam was held against vertical displacement by vertical steel
members on each side of the beam and a 50.8 mm diameter steel pin passing through
the beam, which provided the vertical reaction forces to the beam. The vertical steel
members consisted of two short of 152 x 76 channels in the end and a 102 x 51 box in
the middle. This connection allowed free horizontal movement of the beam but not

vertical displacement.

After plastic hinges appear in the beam, out-of-plane displacement of the unit
may occur. In order to prevent this deformation, the vertical steel members on each end
of the beam were braced and a device was set up on the top of the column to provide

lateral stability to the system.
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Fig. 4.12 A unit in the test rig

4.6 INSTRUMENTATION

4.6.1 General
All electrical resistance strain gauges, linear potentiometer and clip gauges were

connected to a Metrabyte 128 Channel Data Logger.

462 Load

The magnitude of the horizontal load applied to the column was measured by
a 300 kN load cell. Load cell was calibrated using a Budd Strain Indicator and a 1100 kN
Avery Universal Testing Machine prior to testing. The calibration equation was used to
determine the magnitude of the column load. The 300 kN capacity load cell was
equipped with two separate circuits to give two outputs. The fist circuit was read directly
from a Budd Strain Indicator. The second circuit was used to drive the Y-axis of a

Howlett-Packard Pen Recorder. A 300 mm travel linear potentiometer, which measured
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the horizontal displacement of the column was used to drive the X-axis, so that an

instantaneous plot of load- displacement relationship for the column.

Four electrical resistance strain gauges with full-bridge connection were
attached to the beam support-legs to measure the reaction force of the end of the beam,

which was calibrated using a load cell.

4.6.3 Displacements

Fig. 4.11 and 4.12 show the arrangement of linear potentiometers. Small
aluminium plates were glued to all bearing faces to provide a smooth bearing surface for

the potentiometer tips.

A 300 mm travel linear potentiometer was placed near the top point of the
column to measure the horizontal displacement. Two 200 mm and one 50 mm travel
linear potentiometers were used to measure the column deflection up the height. A
50 mm travel dial gauge was used to check the movement of the base plate that

connected the strong floor and the bottom of the column.

Seven 50 mm and two 30 mm travel linear potentiometers, and one clip gauge,
were used to determine the curvatures of each beam within 1000 mm from the column

face.

Two 50 mm travel linear potentiometers. were used to monitor the vertical
displacement of each beam end. A 200 mm travel linear potentiometer was placed at

west end of the beam to monitor horizontal movement of the beam.
4.64 Joint Shear Distortion
A pair of 30 mm travel linear potentiometers were placed along the diagonals

of the joint core to measure the shear distortion of the joint core (See Fig. 4.11 and
4.12).
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4.6.5 Beam Bar Slip

The slips of the beam bars in the centre of the joint were measured using four
30 mm travel linear potentiometers placed on the top and bottom beam bars. To set up
these linear potentiometers, 10 mm diameter short steel stubs had been welded to the
beam bars. A 20 mm diameter hole was prepared for each stub so that the beam bar
could move freely (See Fig. 4.11 and 4.13).

R S

i%-

(a) After setting up (b) Before setting up

Fig. 4.13 Location of instrumentation to measure a slippage of beam

bars in a beam-column joint

4.6.6 Strains

Electrical resistance strain gauges (SHOWA TYPE N11-FA-5-120-11) were
used to measured the strain variations along the longitudinal reinforcing bars in the
beam, intermediate column bars and horizontal hoops in the joint, as shown in Fig. 4.14.
To eliminate as far as possible the effect of bending strains due to bending of the bar,
the strain gauges were placed at the mid-depth of the longitudinal bars. The strain
gauges on the joint core hoops were attached in pairs above and below the rectangular
hoop bar and at the mid-depth of the diamond hoop bar in the direction of shear
transfer. Six clip gauges were used to measure the strains in the beam bar in the joint

region (See Fig. 4.11).
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4.6.7 Observation of Cracking

Cracks on one face of each unit were marked on the white painted surface with
felt-tip pens as they were observed, using a different colour for each direction of loading.
Crack widths were measured at the peak of each loading run, with particular attention
being paid to the cracks in the joint core and the column surface on the beam. Also,

photographs were taken.
4.7 AD EQUE

The loading sequence used for the tests is shown in Fig. 4.15. First, a load
controlled elastic cycle to three quarters of the theoretical horizontal column ultimate
load V; for each unit was applied. V; was calculated using the actual material strengths
but ignoring strain hardening of steel, and assuming an extreme fibre concrete
compressive strain of 0.003, a rectangular concrete compressive stress block with a mean
stress of 0.85 f, and a strength reduction factor ¢=1.0. Appendix A shows the theoretical
V, values calculated for the units. At the lateral V,, the lateral displacements of the top
of the column in two direction, A;; and A ,, were measured. The first yield displacement

for the beam-column joint was then taken as
a:iﬁ%+%ﬂ (4.1)
All displacement ductility factors defined as
A
M=o (42)
B,

where A is maximum lateral displacement. The above method has become a standard

procedure for obtaining A, at the University of Canterbury.

The applied loading in the inelastic range was displacement controlled to the

imposed displacement ductility factors u shown in Fig. 4.15.

The New Zealand Loading Code, NZS 4203 [29], specifies that for the
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performance of a ductile structural element to be considered satisfactory, it should retain
at least 80% of its initial strength after withstanding four complete cycles of loading to
a displacement ductility factor of four in each direction. The cycle loading pattern used
was meant to be in compliance with this code requirement, and also to allow comparison

with previous University of Canterbury tests.

8!-
Cyclic number
6+
4—
>~ 2
= a(15] 16] |7] |8] |9
<]

<|--
<§
<U

g Displacement controlled

Load controlled

Fig. 4.15 Cyclic loading sequence used in the tests
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CHAPTER 5
TEST L F UN

Test results of all six units are described in this chapter. The theoretical
displacement ductility factor u is quoted when the progress of the test is described.
However, the measured displacement ductility factor is easily found in the figures

showing the hysteresis loops of the storey shear versus displacement.
5.1 E RVATI
5.1.1  General

For all six units tested, the cracking in the column was far less severe than in
the beam as the column was in the elastic range. The design strength of the column was
nearly 1.8 times that of the beam. The following discussion refers mainly to the

behaviour of the joint core and the beam.

512  Unit1l

The development of cracking is illustrated by a series of photographs taken at
the various peaks of the displacement level, as shown in Fig. 5.1. A few flexural cracks
appeared in the beam and column, before several diagonal cracks appeared in the joint,
when the storey shear was about 60% of the theoretical strength based on measured
properties in the initial stage of loading [See Fig. 5.1 (a and b)]. At the peaks of first
cycle to u==0.75, the beam was still in the elastic range. At this stage, the cracks were
very fine in both the joint core and the beam. According to the conventional method
for defining to the yield displacement at this university, the measured yield displacement
A, was 20.7 mm after the movement of the rigid body of the unit was deducted. The
yield storey drift A /L, was 0.84%.

In the subsequent cycles in the inelastic range, yield strain in the beam bars at

the column face was reached at py=2. The plastic hinges developed in the beams at both
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(a) u = 0.75, cycle 1 (b) p =-0.75, cycle 1

(e) p = 4x2, cycle 5 (f) u = -4x2, cycle §

Fig. 5.1 Progressive crack development for Unit 1
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(8) M = -6, cycle 6 (h) p = 6x2 cycle?

Fig. 5.1 Continued (Unit 1)

of the column face. More cracks formed in the joint core as shown in Fig. 5.1(c). No
more new cracks appeared at the second cycle with same ductility factor, but the
maximum surface crack width became wider in the joint core. The maximum crack width
was 0.33 mm in the joint core and 2.0 mm in the beam close to the column face. The

crack in the beam at column face closed under load reversal.

At the peak of first cycle to u=4, concrete crushing were observed first in the
compression zone of the beam as shown in Fig. 5.1(d). More cracks developed and the
width of cracks in the beam and the joint core became wider. The maximum crack width
was 1.0 mm in the joint core. The joint core tended to expand. It was observed that the
top beam bars moved slightly in the joint region. Crushing of concrete occurred in the
joint core and slip of both the top and bottom beam bars occurred after the second cycle
of loading to u=-4. However the pinching of hysteresis loops was not serious. The yield
strain was reached in all rectangular joint hoops and in the diamond joint hoops

positioned in the top parts of the joint.

In the first cycle to u= %6, the joint core expanded significantly. At the same
time, the plastic hinges in the beam developed further. There was considerable pinching

in the hysteresis loops after the first cycle to u=+6. The test was stopped when the
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measured storey shear was below 80% of the theoretical strength based on the measured
properties. No beam bar buckling was found throughout the test. The beam depth was

about 505 mm measured at 125 mm far away the column face after the test.
5:1:3 Unit 2

The development of cracking is illustrated by a series of photographs taken at
the various peaks of the displacement level, as shown in Fig. 5.2. A few flexural cracks
appeared in the beam and column when the storey shear was between 50% and 60%
of the theoretical strength based on measured properties in the initial stage of loading
(See Fig. 5.2(a and b)). At the peaks of the first load cycle to u==*0.75, no cracks
appeared in the joint core and the beam was still in the elastic range. The measured
yield displacement A, was 14.4 mm after the movement of the rigid body of the unit was
deducted. The yield storey drift A /L, was 0.58%.

In the subsequent cycles in the inelastic, plastic hinges developed in the beam
at the column faces. In the first cycle to u = +2, several diagonal cracks appeared in the
joint core when the storey shear was about 81% of the theoretical strength. The yield
strain of the beam bar at the column face was reached at the peaks of the first cycle to
p=+2. The maximum measured crack width was 0.5 mm in the joint core and 4.0 mm
at the column face in the beam. Almost all cracks in the joint core took place during

loading cycles to p==%2.

It was first observed that the movement of the bottom beam bars exceeded the
half of s, in the joint region after u=-4. Significant pinching was seen in the hysteresis
loops of the storey shear and displacement after the second cycle to u=+4. No new
cracks appeared in the joint core. The maximum crack width of the joint core was
0.7 mm. In the plastic hinges in the beams the maximum crack width was 8.5 mm at the
column face in the bottom of the beam. At the peak of second cycle to u=-4, some

concrete crushing was seen first in the compression zone of the beam.




H = 0.75 cycle 1 (b)

(c) u = 2, cycle 2 (d) u = -2, cycle 2

(e) H = 4x2, cycle 5 (f) u = -4x2, cycle 5

. Fig. 5.2 Progressive crack development for Unit 2
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(8) H=6,cycleb (hy u=-6,cycle 6

(k) u = 8x2, cycle 9 (D u = -8x2, cycle 9

Fig. 5.2 Continued (Unit 2)
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After the bottom beam bars slipped slightly, some cracks that were almost
horizontal appeared in the beam close to the column face as shown in Fig. 5.2 (g,h,i and
j). Even though the slip of the bottom beam bars was significant, the storey shear still
kept above the theoretical strength at the peaks of the cycle loading, until the slip of the

top beam bars occurred at the second cycle to y=*8.

The yield strain was not measured in all joint core hoops when the test was
terminated. The joint core region was almost integral and the number of cracks was
greater on the top than on the bottom of the joint core regions shown in Fig. 5.2(1).
Buckling of beam bars was not observed that during the test. The beam depth was
almost unchanged after the test. The crack at the column face on the bottom of the
beam closed and the two surfaces of the crack at the column face at the top of the beam

contacted each other under load reversal throughout the test.
514  Unit3

The development of cracking is illustrated by a series of photographs taken at
the various peaks of the displacement level as shown in Fig. 5.3. A few flexural cracks
were observed in the beam and column, before a diagonal crack in the joint core
appeared when the storey shear was about 62% of the theoretical strength based on
measured properties in the initial stage of loading [See Fig. 5.1 (a)]. At the peaks of first
cycle to p=+0.75, the beam was still in the elastic range. At this step, the maximum
diagonal crack width in the joint core was about 0.2 mm. The measured yield
displacement A, was 16.5 mm after the movement of the rigid body of the unit was
deducted. The yield storey drift A /L was 0.67%. ’

In the subsequent cycles, plastic hinges developed in the beam at both of the
column faces. The yield strain of the beam bar in the tensile zone at the column face
was reached when the displacement was at the level of u=2. The plastic hinges
developed at both of the column face on the beam. More cracks generated in the joint
core as shown in Fig. 5.3(c and d). No more new cracks appeared during the second

cycle to the same displacement same ductility factor. The maximum surface crack width
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Fig. 5.3 Progressive crack development for Unit 3
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(h) K = -6, cycle 6

(1) p =8, cycle 8 §)) p = -8, cycle 8

Fig. 5.3 Continued (Unit 3)

became wider in the joint core. The maximum crack width was about 0.60 mm in the
joint core and 5.0 mm in the beam close to the column face. The crack in the beam at

the column face closed under load reversal.

The response of the tested unit was still satisfactory after two loading cycles
were completed at the level of u=4. The plastic hinges in the beams developed further
and more cracks appeared in the joint core and beams. The maximum crack width was
1.0 mm in the joint core and 7.0 mm in the beam close to the column face. Most of the

horizontal joint hoops had been yielded.
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Concrete crushing occurred first in the compression zone of the beam at the
peak of the first cycle to u=+6 as shown in Fig. 5.3(g). At the same time, the top beam
bar in the joint region began to move. The pinching was considerable in the hysteresis
loops of storey shear and displacement after a displacement ductility factor of 8 was
reached. Even though the plastic hinges in the beam were well developed, no beam bar
buckling was observed when the test finished after one loading cycle was completed at
the level of displacement ductility factor of 8.

5.1.5 Unit 4

The development of cracking is illustrated by a series of photographs taken at
the various peaks of the displacement level as shown in Fig. 5.4. A few flexural cracks
appeared in the beam and column, before several diagonal cracks in the joint formed
when the storey shear was about 71% of the theoretical strength based on measured
properties in the initial stage of loading (See Fig. 5.4 (a and b)). At the peaks of first
cycle to p=+0.75, the beam was still in the elastic range. At this stage, the maximum
crack width was about 0.1 mm in the joint core and 0.5 mm in the beam. The measured
yield displacement A, was 14.1 mm after the movement of the rigid body of the unit was
deducted. The yield storey drift A//L, was 0.57%.

The yield strain in the beam bar in the tensile zone at the column face was
reached when the displacement was at the level of p=2. With the plastic hinges formed
in the beam at both of the column faces, more cracks appeared in the joint core, as
shown in Fig. 5.1(c and d). The maximum crack width was 0.80 mm in the joint core and

4.5 mm in the beam close to the column face.

Although it was observed that the bottom beam bars moved to have been over
one half of s, in the joint region after the first cycle to u=-4, the pinch of the hysteresis
loops was still not evident. At the peak of the second cycle to u=-4, concrete crushing
took place first in the beam as shown in Fig. 5.1(f). No more cracks appeared. However

the cracks lengthened and the width of cracks in the beam and the joint core increased.
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(c) u = 2, cycle 2 (d) u = -2x2, cycle 3

(e) M = 4x2 cycle 5 (f) M = -4x2, cycle S

Fig. 5.4 Progressive crack development for Unit 4
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Fig. 5.4 Continued (Unit 4)

The maximum crack width was about 1.0 mm in the joint core and 6.5 mm in the beam

close to the column face. The joint core tended to expand.

After the first cycle to u = +6, the substantial pinching occurred in the hysteresis
loops and some concrete crushing occurred at the bottom of the beam. When the test
stopped after one cycle loading to u=8, the measured storey shear was still above 80%
of the theoretical strength based on the measured properties. No beam bar buckling was
observed throughout the test. The beam depth was almost unchanged after the test.
The crack at the bottom of the beam at the column face closed, and the two surfaces
of the crack at the column face at the top of the beam came into contact after load

reversal throughout the test.
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516  Unit5

The development of cracking is illustrated by a series of photographs taken at
the various peaks of the displacement level as shown in Fig. 5.5. After a few flexural
cracks appeared in the beam and column, several diagonal cracks formed in the joint
core when the storey shear was about 46% of the theoretical strength based on measured
properties in the initial stage of loading (See Fig. 5.5 (a and b)). At the peaks of first
cycle to u=+0.75, the beam was still in the elastic range. At this stage, the maximum
crack width was 0.3 mm in the joint core and 0.2 mm in the beam. The measured yield
displacement A was 19.6 mm after the movement of the rigid body of the unit was
deducted. The yield storey drift A /L, was 0.79%.

The yield strain in the beam bar in the tensile zone at the column face was
reached, when the displacement was at the level of p=2. The plastic hinges developed
in the beam at both of the column faces. More cracks appeared in the joint core as
shown in Fig. 5.5(c,d,e and f). A few new cracks appeared in the second cycle with same
ductility factor, and the maximum crack widths became greater in the joint core. The
maximum crack width was 0.90 mm in the joint core and 3.5 mm in the beam close to

column face. The crack in the beam at the column face closed during load reversal.

After the second loading cycle to u = +4, concrete crushing was first seen in the
beam as shown in Fig. 5.5(g and h). The maximum crack width was 1.2 mm in the joint
and 5.5 mm in the beam close to the column face. It was observed that the top or
bottom beam bars did not move in the joint region. Some rectangular joint hoops and

all diamond joint hoops had yielded at this stage.

During the loading cycle to u= %6, the plastic hinges developed further and
concrete crushing first occurred in the beam. The top beam bars began to move in the
region of the joint core after u=+6. The joint core tended to expand. Pinching was
observed in the hysteresis loops after p=+6. No beam bar buckling was observed during
the test. The beam depth was about 505 mm measured at 125 mm away from the

column face after the test.
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(@) u=0.75cycle 1

() wm=2cycle2 (d)

(f) u = -2x2, cycle 3

Fig. 5.5 Progressive crack development for Unit 5
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u = -4x2, cycle 5

(h)

pu = 4x2, cycle 5

(g)

pu = -6x2, cycle 7

0

u = 6x2, cycle 7

(i)

u = -8,cycle 8

(1)

Fig. 5.5 Continued (Unit 5)

u = 8, cycle 8

(k)
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3.1.7 Unit 6

The development of cracking is illustrated by a series of photographs taken at
the various peaks of the displacement level, as shown in Fig. 5.6. After a few flexural
cracks appeared in the beam and column, a diagonal crack formed in the joint when the
storey shear was about 61% of the theoretical strength based on measured properties in
the initial stage of loading (See Fig. 5.6(a and b)). At the peaks of the first cycle to
p=+0.75, the beam was still in the elastic range. At this stage, the maximum crack
width was 0.3 mm in the joint core and 0.3 mm in the beam. The measured yield
displacement A, was 16.3 mm after the movement of the rigid body of the unit was
deducted. The yield storey drift A /L, was 0.66%.

The yield strain in the beam bar in the tensile zone at the column face was
reached when the displacement was at the level of p=2. Plastic hinges developed in the
beam at both of the column faces. More cracks appeared in the joint core as shown in
Fig. 5.6(c and d). No new cracks appeared in the second cycle with same ductility factor.
The maximum crack width was 0.6 mm in the joint core and 2.6 mm in the beam close

to column face.

During the loading cycle to u= +4, the plastic hinges developed further in the
beam, and meanwhile more cracks formed in both the joint core and the beam. The
maximum crack width was 0.6 mm in the joint core and 4.5 mm in the beam close to the

column face. Only the bottom layer of diamond joint hoops had yielded at this stage.

The bottom beam bars moved in the joint region after the first loading cycle
to u= +6, and the pinching occurred in the measured hysteresis loops. Concrete crushing
occurred in the beam and at the corner of the joint. The test was not finished until two
loading cycles to u=8 were applied. No buckling of beam bar was observed during the
test. The beam depth was about 505 mm, measured at 125 mm from the column face
after the test. The crack at the column face at the bottom of the beam closed, and the
two surfaces of the crack at the column face at the top of the beam contacted each other

during load reversals throughout the test.
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4)) u = -8x2, cycle 9

Continued (Unit 6)
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5.2 LOAD-DISPLACEMENT RESPONSE

Fig. 5.7 to Fig. 5.12 display the measured storey shear versus displacement
hysteresis loops for all six units. It is evident that the pinching of the hysteresis loops of
Unit 2 is the most serious of the six units; the next most serious is Unit 4. As mentioned
in Section 5.1, the pinching of the hysteresis loops of Unit 2,1,3,4,5 and 6 in the loops
started about after the loading cycle was the second cycle to +4, and the first cycle to
u=+6, y=+8, y=+6, u=+6 and u=+6, respectively. The measured and theoretical

first yield displacement of units are listed in Table 5.1.

Table 5.1 Measured A, and theoretical A,

Unit 1 2 3 4 5 6

Ay (mm) | 126 | 109 | 114 9.1 196 | 14.0

Ayn(mm) | 207 | 144 | 165 14.1 12.7 16.3

53 BEAM BAR SLIP

Fig. 5.13 to Fig. 5.18 show the measured hysteresis loops of horizontal column
load versus beam bar slip. It can be observed when the significant movement of beam

bars commenced due to loss of bond. Table 5.2 lists when slip of beam bars exceeded

sr
Table 5.2 Loss of bond of beam bars
Unit 1 2 3 4 5 6
Top -4 +8 +6 -6 +6 -6
bem second first first second first second
after cycle cycle cycle cycle cycle cycle
H=
Bottom -4 -4 -6 -4 -6 +6
beam second first first first second first
after cycle cycle cycle cycle cycle cycle
=
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Relative shear, v IV,

Relative shear, V/V,
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54 MPONENTS OF DISP MENT

The storey displacement mainly consists of the deformation due to flexural and
shear of the beam, flexural and shear of the column and the joint shear distortion as

below,

A=A +A +A, (5.1)

The measured contributions to the storey displacement due to the deformation
of the beam, the column, and the joint core are displayed for various load stages in
Fig. 5.19(a) to Fig. 5.24(a). With increase in the number of loading cycles, the rate of
contribution to the storey displacement due to deformation of the column reduced in all
units. The contribution to the storey displacement due to the joint shear distortion was
around 15% to 20% of total storey displacement for Unit 1, 3 and 5, and less than 10%

of total storey displacement for Unit 2, 4 and 6.

Fig. 5.19(b) to Fig. 5.24(b) show the measured contribution of each part of
the beam to the beam deformation. The deformation due to Segment 1 was the largest
and includes both the slip and the elongation of the beam bars. The contribution of the

slip of the beam bars to the beam deformation is also presented in these figures.

The measured distributions of curvature for all units along the beam are
illustrated in Fig. 5.25 to Fig. 5.30. The value of the curvature within Segment 1
(Segments are defined in above figures) is several many times that of Segment 2. The
major reason is that for Segment 1 it consists of the elongation and slip of the beam
bars. Therefore, it could be accepted that the deformation within Segment 1 is
approximately equal to be total accumulation of the elongation and slip of the beam

bars.

It was found that the measured joint shear distortion was unsymmetric during
cyclic load in the course of a test, as shown in Fig. 5.31 to Fig. 5.36. This phenomenon
was cased by the different widths of the main diagonal cracks in the two diagonal

directions.
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Fig. 5.14 Slip of beam bars within the joint core, Unit 2
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55 STRAIN VARIATION ALONG BEAM BAR

Fig. 5.37 to Fig. 5.42 illustrate the variation of strain measured on the
longitudinal top and bottom bars of the beam of all six units. After a displacement
ductility factor of 2, the beam bars in tension yielded at the face of the column. With
further increase in the level of the displacement ductility, the strain became larger. This
meant that there was the bond degradation in the joint core. In Units 2 and 4, in which
more slip occurred, the yield and slip of the bottom bars occurred almost at the same
time. The strain gauges at the middle of the joint core on the beam bars generally failed
because of slip of beam bars in the joint at high ductility levels. So the reading of those
measured points was not correct but indicated that slip of beam bars indeed occurred

there.

5.6 TRAIN VARIATION IN JOI P

Fig. 5.43 to Fig. 5.48 show the variation of strain measured on the horizontal
rectangular and diamond joint hoops of all six units. The yield strain of the joint core
hoops was reached at higher displacement ductility factors in those units with good bond
conditions for longitudinal bars, as Unit 1, 3 and 5. During the test, the joint cores

tended to swell.
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CHAPTER 6
DISCUSSION OF RESULTS

6.1 WITH SYMMETRICAL L INAL
REINFORCEMENT

Even though the values of d,/h_ used in Units 1, 3, and 5 were different, the
behaviour of the joints of those units was extremely similar under load reversals. The
yielding of the horizontal joint hoops was first reached before the slip of the longitudinal
beam bars was over one-half of the span of the ribs of the steel bars. The joint core
tended to expand at high ductility factor levels so that the spalling of concrete cover took
place in the joint core. The view of the joint core of Unit 1 at the completion of the test
shown in Fig. 6.1 illustrates a typical joint core shear failure. For this unit, the
cumulative displacement ductility Zu was only 36, which was less than 48 that is required
for ductile moment resisting reinforced concrete frames before the load carrying capacity
reducing by more than 20% according to 2/DZ 4203 [24]. Unit 1, 3, 5 contained 60%
and 75%, respectively, of the horizontal and vertical joint shear reinforcement required
by NZS 3101:1982.

It was notable that the joint shear deformation and the slip of beam bars
were affected each other during the test. As well as diagonal tensile cracks in the joint
core,fine and inclined cracks formed around the beam bars and developed toward to the
surface of the joint gradually. These cracks changed the bond condition around beam
bars and led to bond degradation in the joint core. And meanwhile, the cracked joint
core became more flexible than before and contributed significantly to total storey
displacement. This contribution was about 15-20% of the total storey displacement of
Units 1, 3 and 5 (See Fig. 5.19,21 and 23).

Despite the fact that the beam bar diameters used in Units 3 and 5 were
greater than permitted for ductility detailing according to NZS 3101:1982, the hysteresis
loops of storey shear and displacement of these units with slight pinching were

satisfactory. This was due to the higher concrete strength used. Therefore higher
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Fig. 6.1 Feature of shear failure in the joint core, unit 1

concrete strength is of benefit to the bond conditions of beam bars in the beam-column
joint core. It should be pointed out that slip of beam bars occurred in the joint core
from the beginning of loading, as shown in Fig. 5.13 to Fig. 5.18. The process of the slip
of the beam bars was an progressive. With increasing of the storey displacement, the slip
of beam bars in the joint core became larger. After the yielding of the horizontal joint
hoops was reached, the bond strength around the beam bars drastically dropped. This

phenomenon was observed in the curves of storey shear and slip of the beam bars.

6.2 UNITS WITH UNSYMMETRICAL LONGITUDINAL BEAM
REINFORCEMENT

The ratio of total area of bottom beam bars to top beam bars B was 0.50,
0.64 and 0.50 for Unit 2, 4 and 6, respectively. After yielding of the longitudinal steel,
the failure of Units 2, 4 and 6 were due to loss of the bond strength in the joint core

under simulated lateral load reversals. Though the horizontal and vertical joint
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reinforcement provided of Units 2, 4 and 6 were same as Units 1, 3 and 5 to be
respectively 60% and 75% of the requirement in NZS 3101:1982, the joint core region
was intact when the slip of bottom beam bars occurred. The contribution to the storey
displacement due to the joint shear distortion was about 10% in the core of Units 2, 4
and 6 (See Fig. 5.20, 22 and 24).

The units with unsymmetrical beam bars, the bond condition was better in
the top than in the bottom in the joint core, due to smaller stress in the top beam bar
in compression than in the bottom bar. Because of this feature the slip of the bottom
beam bars was larger than for the top beam bars, the flexural crack at the bottom of the
beam at the column face was wholly closed and concrete there was subjected to a larger
compression force than the concrete of the top of the beam on the oﬁposite of the
column face. Correspondingly, the force transferred to concrete by the bottom beam
bars was smaller than the top beam bars in the joint core. Thus, the number of cracks
was fewer on the bottom than on the top of the joint. The distribution of the cracks of
Unit 2 in the joint region is illustrated in Fig. 5.2(k).

The significant pinching of the hysteresis loops resulted in a reduction in the
dissipated energy after the bottom beam bars lost bond strength. The storey
displacement suddenly increased without any change in resistance until the crack in the
beam at the column face was completely closed at the bottom. Fig. 5.19(b) through
Fig. 5.24(b) show that the contribution to the deformation of the beam due to the slip
of the beam bars was basically steady in the proportion before the bond was lost wholly.
After the loss of the bond, the component due to the slip of the beam bars quickly

increased.

The yielding of the bottom beam bars at the middle of the joint and the slip
of the bottom beam bars occurred at nearly the same stage. This meant that yield

penetration was a major factor leading to the loss of bond strength around beam bars.

Considering the hysteresis loops of Units 2, 4 and 6, it is evident that higher

concrete strength can improve the bond condition of beam bars in the beam-column joint
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region. The value of B plays an important role and has an effect on the shape of the

hysteresis loops.

6.3 MPARISON OF RESUL

Comparing the hysteresis loops of Units 2 and 3, the effect of the value of
B is evident. The smaller the value of B, the more significant is the pinching of the

hysteresis loops.

Comparing the hysteresis loops of Units 2 and 6, it is observed that the
higher concrete strength, the better the bond condition is in the joint core.

From Table 5.2 and Fig. 5.13 through Fig. 5.18, it is seen that the bond
condition is almost same for the top beam bars and for the bottom beam bars in the
joint core when B8=1, and that is, better for the top beam bars than for the bottom beam

bars in the joint core when B<1.

6.4 BOND REQUIREMENT OF BEAM BAR IN AN INTERIOR BEAM-
COLUMN JOINT

When bond deterioration progresses in beam bars passing through an
interior beam-column joint under severe seismic loading, serious pinching may be
observed in horizontal load-deflection curves of the beam-column joint assemblage.
Some tests [30] have shown that bond deterioration in those beam bars as a result of
yield penetration into the joint core could contribute up to 50% of the overall deflections
in beam-column assemblages. To prevent such excessive bond deterioration, when
plastic hinges form in the beams at the column faces, the current concrete design code
NZS 3101:1982[12] limits the diameter of the beam bar d, passing through an interior

beam-column joint as

d, = 12h /f, (6.1)




106

where h. = column depth parallel to the longitudinal beam bars being
considered

f, = specified yield strength of a beam bar

The above code limit expressed by Eq. 6.1 was derived considering the most
severe stress condition attained when beam bars were subjected to overstrength
simultaneously in tension at one column face and in compression at the opposite column
face [31]. That is, it was assumed that the resultant forces of steel T, and C,, in Fig. 6.2
could rearch af A at the same time, where a = overstrength factor of steel. This
situation can occur if the bond condition is extremely good and hence the beam bars do

not slip during cyclic loading.

1 hc 1
CI:Z _',:- e ub l— T,=CZ f}" A’
C’z ‘w#‘_—
db.t
} db.b
——— f — Cal

Fig. 6.2 Force acting on the beam bars across an interior beam-
column joint core

It is notable that the effect of concrete strength on bond performance is
neglected in Eq. 6.1. This is mainly because Eq. 6.1 was based on the experimental
studies prior to 1980 in which the specified compressive strength of concrete f, had been

mostly in a narrow range from 20 MPa to 30 MPa.
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Park and Dai [20] have recently conducted tests on one-way beam-column

joints subjected to severe simulated seismic loading. Based on these test results, they

concluded that some relaxation in the current NZS 3101 [12] requirement for beam bar

anchorage in interior beam-column joints would still lead to acceptable performance.

The same conclusion has also been reached from the test results obtained in this study

as mentioned in Sections 6.1 and 6.2. The main aspects which gave the legitimacy of that

conclusion were:

(@)

(b)

(c)

(d)

Although the beam bar diameters used for the test specimens, except for
Units 1, 1 and 3*, were 32 to 139% larger than those permitted by the
current code (see Table 6.2), the observed hysteresis loops of the test units
were satisfactory up to the storey drift of at least 3%, which corresponded

to displacement ductility factors of 4 to 6.

In the tests, the compression stress in the beam bars was not likely to
exceed f,, due to bond slip with acceptable magnitude, even in the case that
B = A_/A, = 1.0, where A, is the total area of bottom beam bars and A,
is the total area of the top beam bars. As a matter of course, when B =
1/a, the requirements of equilibrium indicate that the compression stress

in the top beam bars cannot exceed f|.

Some yield penetration into the joint core, as a result of bond deterioration,
should be acceptable as long as slip of beam bars in the joint core is not
excessive. This is because the effect of pinching of the hysteresis loops of
beam-column joint assemblages on the dynamic response of moment

resisting frames has been found to be relatively small [eg. 21].
Bond strength increases approximately in proportion to vt " [20,23]. Hence,
the higher the compressive strength of concrete is, the better the anchorage

condition of beam bars.

Based on the above aspects, design recommendations for the anchorage of
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beam bars in interior beam column joints may be derived as follows. Consider a
longitudinal beam bar with diameter d, passing through a column with depth h, as shown
in Fig. 6.2. The tension stress f; in the beam bars at a column face is considered to
reach the over strength af,. The compression stress f, in the same bars at the opposite
column face is considered not to exceed the yield strength of steel f, that is, f = i,
where y = 1.0. The average ultimate bond stress u, is assumed to be proportional to the
square root of the compressive strength of concrete f., that is, u, = KV f. MPa [20,23],
where K is a factor which is determined taking account of the transverse stress condition
on the beam bars and the location of those bars as mentioned later. For the equilibrium

of the top beam bar shown in Fig. 6.2,
Ty« C,=md by (6.2)

Eq. 6.2 can be rewritten as

(@+v)f, % d? = nd, b Kyf, (6.3)

For design use, Eq. 6.3 is written as

4 4 Kyt (6.4)
h,  (@+v) f

where the values for a, ¥ and K need to be found. In this stage, those values were

determined based on the following consideration.

(A) a Value

The overstrength factor a for Grades 300 and 430 steels may be estimated
as 1.25 as specified in the Amendment No. 1:1989 to NZS 3101 Part 2. As an
alternative, a may be determined by conducting tensile tests on the steel used. Actually,
a values obtained from the tensile tests on Grade 430 steel units for Units 1 to 6 were

all higher than the value specified in the code, and were 1.35 in average (see Table 6.1).
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(B) y Value

It is not necessary to take y value as more than 1.0 and y - 1.0 may be used
for simplicity in Eq. 6.4. However, a smaller value of y may be used by taking the

following aspects into account.

Cheung, Paulay and Park [22,23] have conducted severe seismic loading tests
on interior beam-column-slab assemblages. They found that the compression stress in
the top beam bars was unlikely to exceed 0.7 f, due to bond slip with acceptable
magnitude after a few cycles of stress reversals. Based on this finding, it could be
assumed that y = 0.7 for the top beam bars. In addition, since C;; = yf, A; = T,
= of A, in Fig. 6.2,

From the above, for top beam bars

0L7zy=sap (6.5)

If the yield strengths and the overstrength factors are different between top and bottom

bars as in the case listed in Table 6.1, Eq. 6.5 is modified as

072y =aBf,/f, (6.6)

where ay, overstrength factor of bottom bar steel

yield strength of bottom bar steel

-
1

-
I

yield strength of top bar steel

The bottom beam bars can be subjected to higher stress in compression, when B
is much less than unity, from the equilibrium. Hence, y for the bottom bars may be
approximated as 1.0 when B is, say, less than 0.75. When B is more than 0.75, y may be

reduced to 0.7 in inverse proportion to 8. Hence, for the bottom beam bars,
¥y = 1.0 when B = 0.75 (6.7)

may be assumed.
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y =07 +12 (1-) when 1 = B > 0.75 (6.8)

(C) K Value

In this study, a basic value of K denoted as K is estimated based on the
average ultimate bond stress u, implicity assumed in Eq. 6.1. It can be assumed that
Eq. 6.1 corresponds to Eq. 6.4 when f, is as low as 25 MPa and ¥ is equal to 1 [23]. In
this case, substituting f, = 25 MPa, a = 1.25 and y = 1 into Eq. 6.4, d,/h, = 8.89 K/f,
and the right hand term is equivalent to 12/f in Eq. 6.1. Thus, K = K, = 12/8.89 =
1.35 is obtained. In this study, K is used as a basic value of K for the bottom beam bars
passing through the joint core and K is modified by taking the following factors into

account.

Normally concrete placed in-situ is cast up to the level of the top surface
of beams including the beam-column joint area. Hence, the bond condition of top beam
bars are worse than that of bottom beam bars due to sedimentation of concrete. To take
this factor into account for the top beam bars, K is reduced by multiplying £, = 0.85
when more than 300 mm of fresh concrete is cast underneath those bars, based on the

previous studies [23,31].

When axial loads of columns are high, such loads will effectively confine the
beam bars in the joint core and, as a result, increase the bond strength. To take this

factor into account, the value of K can be increased by multiplying by &, [31] where

P
10§ = — +095 < 125 (6.9)

In the case of a two-way frame, the detrimental effects resulting from the
formation of simultaneous plastic hinges in the beams at all four faces of a column may
need to be taken into account [23]. However, this factor is not included in this study

which considered one-way frames.
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By combining the above factors, K is expressed as

K=EtEpKo

Thus Eq. 6.4 can be rewritten as

db < 4 £t Ep Ko vfc'
fY

h,  (a+y)

For simplicity, Eq. 6.11 may be expressed as

g . LK, Ji

h Emafy

c

where K =4 K/

£, = (1+Y)
a

K., is approximated as 5.4 assuming K, = 1.35.

(6.10)

(6.11)

(6.12)

The above bond criteria for top and bottom beam bars given by Eq. 6.12

were applied to Units 1 to 6 tested in this study and also Units 17 to 4 tested by Park

and Dai [20]. As can be seen from Table 6.2, the use of Eq. 6.12 in design would result

in satisfactory performance during severe seismic loading. That is, for the test units

which satisfied Eq. 6.12, no significant pinching of the hysteresis loops were observed

before ductility displacement factors of 6 were reached.

As a reference, the values of d,/h, limited by the bond criterion proposed

by Kitayama et al [21] are also listed in Table 6.2. This bond criterion appears to be

inadequate to ensure satisfactory behaviour of beam-column joints designed for full

ductility.




TABLE 6.1 Steel and Concrete Properties of Test Units

Investigator Test Unit l‘,': in MPa | Top Beam Bars | Bottom Beam Bars B
f,, in MPa f,, in MPa (A./A)
(at) (ap)
Xian Zuo Xin | Unit 1 30.9 453 453 1.0
(1.36) (1.36) (7THD12/7HD12)
Unit 2 40.8 445 445 0.5
(1.36) (1.36) (2HD16/4HD16)
Unit 3 42.5 445 445 1.0
(1.35) (1.36) (4HD16/4HD16)
Unit 4 472 492 445 0.64
(1.35) (1.36) (2ZHD16/2HD20)
Unit § 60.7 492 492 1.0
(1.35) (1.35) (3HD20/3HD20)
Unit 6 59.3 463 492 0.51
(1.33) (1.35) (2HD20/2HD28)
Dai Ruitong Unit 1 45.9 294 294 0.4
(1.48) (1.48) (2D16/5D16)
Unit 2 36.0 314 300 0.51
(1.54) (1.49) (2D20/2D28)
Unit 3/ 36.2 294 294 0.4
(1.48) (1.48) (2D16/5D16)
Unit 4 40.1 314 300 0.51
(1.54) (1.49) (2D20/2D28)

48!




TABLE 6.2 Performance and Bond Conditions of Test Units

NZ Code Kitayama
Investigator Test Unit Shape of Actual d,/h, E].E = EpEt Krn |I'fc db _ 12 g ’f.
Hysteresis Loops h, E. « fy h, fy b w39 I
h, f
(a) Top Beam Bars (a) Top Beam Bars (a) Top Beam Bars (a) Top Beam Bars
(b) Bottom Beam Bars (b) Bottom Beam Bars (b) Bottom Beam Bars (b) Bottom Beam Bars
Xian Zuo Xin Unit 1 Slight pinching (a) 1/37.5 (a) 1/31.0 (a) 1/37.8 (a) 1/25.5
afterp =6 (b) 1/37.5 (b) 1/31.0 (b) 1/37.8 (b) 1/25.5
Unit 2 Significant (a) 1/28.1 (a) 1/26.4 (a) 1/37.1 (a) 1/21.8
pinching after (b) 1/28.1 (b) 1/30.5 (b) 1/37.1 (b) 1/21.8
p=4
Unit 3 Slight pinching (a) 1/28.1 (a) 1/26.0 (a) 1/37.1 (a) 1/21.3
afterp =6 (b) 1/28.1 (b) 1/26.0 (b) 1/37.1 (b) 1/21.3
Unit 4 Significant (a) 1/22.5 (a) 1/27.2 (a) 1/41.0 (a) 1/22.4
pinching after (b) 1/28.1 (b) 1/28.5 (b) 11371 (b) 1/20.2
u=6
Unit § Slight (a) 1/22.5 (a) 1/24.0 (a) 1/38.6 (a) 1/18.8
pinching after (b) 1/22.5 (b) 1/24.0 (b) 1/41.0 (b) 1/20.0
p=6
Unit 6 Significant (a) 1/16.1 (a) 1722.7 (a) 1/38.6 (a) 1/18.8
pinching aflter (b) 1/22.5 (b) 1/27.8 (b) 1/41.0 (b) 1/20.0
p=6
Dai Ruitong Unit 1’ Spindle type fat (a) 1/25.4 (a) 1/16.7 (a) 1/24.5 (a) 1/13.6
loops (b) 1/25.4 (b) 1/20.0 (b) 1/24.5 (b) 1/13.6
Unit 2’ Slight pinching (a) 1/14.5 (a) 1/21.7 (a) 1/26.2 (a) 1/16.4
afterp =35 (b) 1/20.3 (b) 1/23.0 (b) 1/25.0 (b) 1/15.6
Unit 3’ Spindle type fat (a) 1/25.4 (a) 1/18.7 (a) 1/24.5 (a) 1/13.6
loops (b) 1/25.4 (b) 1/22.5 (b) 1/24.5 (b) 1/13.6
Unit 4’ Slight pinching (a) 1/14.5 (a) 1/20.5 (a) 1/26.2 (a) 1/16.4
alter p=5 (b) 1/20.3 (b) 1/21.9 (b) 1/25.0 (b) 1/15.6

Note: The test units were all cast in the horizontal position and hence the depth of fresh concrete cast underneath the top and bottom beam bars was all less than 300 mm,

el
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(1) The effect of the concrete cylinder strength on the bond-slip of longitudinal
beam bars passing through the joint core is very significant. With an increase in concrete
strength, the requirement for limitation of bar diameter of longitudinal beam bars in the

interior beam-column joint can be relaxed.

(2) With the change of the ratio of total area of longitudinal bottom beam bars
to top beam bars, the bond condition of the top and bottom beam bar in the joint core
will be changed. It is necessary that the limitation of beam bar diameters required for

the top and bottom beam bars may be different.

(3) Higher strength of steel does not lead to the serious bond-slip of beam bars
in an interior beam-column joint under load reversals if higher concrete strength and a
suitable value of B are used. It is suggested that the concrete cylinder strength be not
lower than 30 MPa when f, = 430 MPa. Otherwise, the smaller beam bar diameter

needed may cause undue construction difficulties.

(4) When plastic hinges form in the beams close to the column faces, and the
column axial load is zero or less than O.If;Ag. where A, = gross area of the column and
fl

c

= concrete compressive cylinder strength, it is recommended that the following
equation be used for the limitation of the diameter of the longitudinal beam bars passing

through interior joints of ductile frames.

G, B 5K

h, Emafy

The symbols are explained in Section 6.4 and Notation.
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7.2 SUGGESTIONS FOR FUTURE RESEARCH

(1) The optimum value of B an interior beam-column joint of a reinforced
concrete moment-resisting ductile frame, from the point of view of reducing serious
bond-slip of beam bars in the joint and minimizing construction cost needs further

investigate.

(2) Further study is needed to determine how much force of beam bars can be
transferred to a joint core by concrete in the compressive zone after full depth beam

cracks have occurred adjacent to the column faces.

3) Study of deformation shapes to reduce bond-slip of deformed longitudinal bars

in interior beam-column joints during cycle loading reversals is needed.
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APPENDIX A: THEORETICAL PREDICTION OF THE STRENGTH AND
FIRST YIELD DISPLACEMENT OF TEST UNITS

Al THEORETICAL STRENGTHS OF UNITS

Fig. 4.2 to 4.7 show the dimensions and reinforcing details for six test units.
Measured material properties are listed in Table 4.1 and 4.2 also. The theoretical
strengths of units were calculated based on the measured material strengths but ignoring
strain hardening of steel, and assuming an extreme fibre concrete compressive strain of
0.003, a rectangular concrete compressive stress block with a mean stress of 0.85f, and
a strength reduction factor ¢ = 1.0. The design procedure of NZS 3101 for the beam-

column joint was fully followed.

The theoretical flexural strengths of the beams and theoretical storey shear
strength are given for each unit in Table A.1. The nominal horizontal shear stress in the
joint was 0.17f,, 0.1f,, 0.12f,, 0.08f, 0.11f,, and 0.11f;, respectively.

A,
1/24,
1/24,| 1/24,[1/24,

L./2

L./2

——

Ve
|

()

Fig. A.1 Components contribution to storey displacement of the unit
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Table A.1 Theoretical flexural and shear strengths of units

Unit 1 2 3 4 5 6
M,, KNm 146 81 154 82 200 137
M,, KNm 146 154 154 135 200 243
V, KN 136 109 143 101 186 176
A2 CALCULATION OF FIRST YIELD DISPLACEMENT [19]

As outlined in Section 5.4, the storey displacement consists of three
components, namely the deformations of the beam, column and joint core as shown in

Fig. A.1. Thus, the first storey displacement is expressed by following,

A1y=Ayb+AST+AS'j (Al)

(a) Ay, is component due to flexural and shear deformations of the beam. It

is evident from Fig. A.1 that

A, = 6L, (A2)
where
9 = ML, (1 +£%) (A.3)
3E1°_
b
. K (A4)
GA'L

where I°,, is moment of inertia of cracked beam section, assumed to be 0.5I° where I°
is the moment of inertia of the gross (uncracked) beam section. G is shear modulus of

concrete which can be assumed to be 0.4E. Hence A, is given by
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_MLL (1+8) (AS)
3E]1°®

(b) A,. is the component due to flexural and shear deformations of the column. It

is evident from Fig.A.1 that

3
o e 0B (A6)
¥ 2EJI¢.
where
= 5 (A.7)
GA L2

and I, is moment of inertia of cracked column section, assumed to be 0.61° where I° is

the moment of inertia of the gross (uncracked) column section.

(c) A is the component due to shear distortion of the joint core. Fig.A.2 shows that

A; = v(L, - h,) (A8)
where
_(6+8)d (A.9)
2h’b’

and &, &, d’, h, and b, are shown in Fig.A.2, and h, is depth of the beam section. The

value of 6 and & were found from measurements made on the joint core during testing.
A3 RETI FI D DISPLACEMENT

Table A.2 lists the values of the theoretical first yield displacement A, for
all units. The component due to shear distortion of the joint core was estimated to be

20% of total first yield displacement, i.e., ij=0.2&y_
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Table A.2 Values of the theoretical first yield displacement

Unit 1 2 3 4 S 6
Ay, (mm) .71 5.45 321 4.56 5.74 7.01
A, (mm) 427 3.24 3.89 275 4.44 4.21
Ay; (mm) 2512 2:.172 2.274 1.826 2.546 2.804
A, (mm) 1256 | 10.86 11.37 9.13 12.73 14.02

b =
Y =)

& ~

e

=

A N
polentiomelers < !
o™
3

1724,

4

Fig.A.2 Component of displacement due to distortion of the joint core
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APPENDIX B: ESTIMATED DEFORMATION OF THE BEAM

The contribution to the 1 storey displacement from the deformation of
beams is determined from the measured average curvatures over segments of the beam
of 2 times the beam depth, i.e. 1000 mm. In this project, each beam was divided into six
segments. Five pairs of linear potentiometers and clip gauges were arranged on Segment
1 to Segment 5 to measure curvatures over the plastic hinge region. A value of an

average rotation 8, of any segment is given by the following equation,

AS_ - A
8, = A5, - 85, (B.1)
l-ll'l
The deformation of any segment is
L
AIJ.rl = — lnen (Bz)
L,
The component A, due to deformation of beams is calculated as below,
L. .5
A %5218 (B.3)
b Lb (n s n n)

The symbols in above equations are defined in section of NOTATION and in Fig. B.1.

In above, it is considered that the contribution of Segment 1 to the storey
displacement is mainly from the elongation of the beam bar and local slip or slip of the

beam bar from the joint core.
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C.G. - Clip gauge

L ==--- Linear potentiometre

£
£
[

/
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/
L L L L C.G
Sigp S: | S S, S5
1N [

(a) before deformation of beam
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N P i b |
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| {5egmant
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(b) after deformation of beam

Fig. B.1 Deformation of beam




